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ABSTRACT 
 
Large-capacity helical piles can provide immense construction and performance 
advantages over the conventional concrete and steel piles. Nowadays, there is significant 
interest in using large-capacity helical piles to support foundations that would be 
subjected to both dynamic and static loading.  
The main objectives of this thesis are to: investigate the dynamic response and 
impedances of large-capacity helical piles; develop an analysis methodology for their 
dynamic response; and investigate their static axial compression and lateral behaviour, 
considering installation effects on their dynamic and static performances. The thesis 
presents the first full-scale vertical and horizontal dynamic field testing program executed 
on large-capacity helical piles, which involved 190 full-scale field load tests on nine 
instrumented large-capacity helical piles and two driven steel piles with different 
geometrical configurations installed in cohesive soils. Six piles were tested two weeks 
after installation and four piles were tested after allowing a recovery period of nine 
months following installation.  
One hundred and seventy six field experiments were conducted to evaluate the 
dynamic response characteristics of single helical piles and driven piles under different 
levels of vertical and horizontal harmonic excitations. The effects of various parameters, 
namely: pile length, number of helix plates and inter-helix spacing, excitation intensity, 
and soil thixotropy on the dynamic response were investigated. The experimental results 
were compared to the theoretical predictions of the continuum theory considering linear 
and nonlinear approaches. Reasonable match was found between the predicted response 
using the nonlinear approach and the measured response for both vertical and horizontal 
vibrations. The results demonstrated the significant effects of pile installation on forming 
weak soil zone around the pile, which stiffened with time following installation. This 
stiffening was manifested in an average increase in pile stiffness of about 43% and in pile 
damping of 25 to 90% within a nine month period. In addition, the dynamic response of 
the helical piles was similar to that of the driven piles.  
The load transfer mechanism of large-capacity helical piles was found to be 
predominantly through the helical plates and pile toe end bearing. Based on the results of 
the pile load tests, it is proposed to define the ultimate load of helical piles as the load 
                                                                                                                                         
 
 
iv 
that corresponds to pile head movement equal to the pile elastic deformation plus 3.5% of 
helix diameter. The helical piles displayed a superior axial performance with capacities 
higher than driven pile by about 17 to 85% based on pile configurations.  
The effects of attached helices and inter-helix spacing were found to be negligible 
on the pile lateral capacity and performance. The lateral pile load tests were examined 
numerically using the p-y approach incorporated in LPILE program. The mobilized soil 
shear strength parameters and soil moduli of subgrade reaction were back-calculated. 
 
 
Keywords: Full-scale testing, Helical piles, Driven piles, Vertical vibration, Horizontal 
vibration, Axial compressive load test, lateral load test, Linear analysis, Nonlinear 
analysis, Pile setup, Modulus of subgrade reaction. 
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CHAPTER ONE 
INTRODUCTION 
 
 
 
1.1 GENERAL 
Helical anchors and piles are used as a foundation system for many inland and offshore 
engineering applications including: transmission towers, pipelines, and supporting 
retaining structures (Adams and Klym, 1972; Carville and Walton, 1995; Zhang, 1999; El 
Naggar and Abdelghany, 2007a,b). Helical piles are cost effective, easy to install, can 
provide superior performance in certain soil profiles compared to the conventional piling 
systems. Helical piles are mostly designed to sustain static loading, especially for uplift 
conditions. Recently, there has been an increasing trend to use helical piles and especially 
large-capacity ones, to support foundations subjected to dynamic loads such as machine 
foundations and foundations in seismic zones (Sakr, 2009a; Elkasabgy et al., 2010). Up 
to date, a few researches have been conducted to better understand the compressive 
behaviour of large-capacity helical piles (e.g. Zhang, 1999), but no studies of their 
dynamic behaviour. 
 The dynamic performance of helical piles is of significant interest because they 
can offer an efficient alternative to conventional piling systems in many applications 
where the foundation would be subjected to dynamic loads such as machine foundations, 
wind turbines power plants, petroleum platforms, oil refineries, offshore structures, etc. 
The dynamic performance of conventional piles has been investigated through full-scale 
tests and theoretical approaches have been developed (Novak and Grigg, 1976; Muster 
and O’Neill, 1986; El-Marsafawi and Novak 1992; Boominathan and Ayothiraman 
2006). Therefore, this interest in helical piles initiated the need to understand their 
dynamic performance and evaluate their dynamic characteristics (stiffness and damping). 
The current research represents the first full-scale and theoretical attempt to evaluate the 
engineering performance of helical piles under dynamic machine loads.  
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1.2 OBJECTIVES OF THE THESIS 
The objective of the current study is to investigate the performance characteristics of 
large-capacity helical piles in comparison with driven steel piles under axial compression 
and lateral static loads and dynamic (harmonic) loads in cohesive soils. Special emphasis 
is placed on exploring the effect of pile geometrical configurations on its static and 
dynamic performance. The specific objectives of this study are: 
 
1. To establish reliable and practical test setup and test procedure for the dynamic 
loading of helical piles. 
2. To investigate the dynamic performance of large-capacity helical piles and driven 
steel piles subjected to dynamic vertical and horizontal vibrations and free vibrations. 
3. To evaluate the dynamic parameters (stiffness and damping) of helical and driven 
piles, understand the load-transfer mechanism under dynamic loads, and provide 
design recommendations. 
4. To evaluate the applicability of the available linear theoretical approaches for 
evaluating the dynamic performance of helical piles and driven piles. 
5. To investigate the performance of large-capacity helical piles under axial compressive 
and lateral static loads in typical Alberta, Canada cohesive soils and to establish their 
load-transfer mechanism. 
 
 
1.3 TESTING PROGRAM 
A total of 190 pile load tests were conducted on large-capacity helical piles and driven 
steel piles with different geometrical configurations installed in the county of Ponoka, 
Alberta, Canada. The tests included 176 dynamic load tests and 14 static load tests. The 
dynamic tests included 66 vertical vibration tests, 106 horizontal vibration tests, and 4 
free vibration tests. The static load tests included 8 axial compression tests and 6 lateral 
tests. The soil at the test site is comprised of mainly cohesive materials. 
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1.4 ORGANIZATION OF THE THESIS 
The thesis is organized into 8 chapters that address the different thesis objectives. Chapter 
1 introduces the research topic and describes the thesis structure. Chapter 2 provides a 
literature review on helical piles including historical development, typical configurations, 
installation procedure, and available design methodologies. In addition, Chapter 2 
summaries relevant theoretical investigations on conventional piles subjected to harmonic 
vibrations. 
 Chapter 3 presents the static full-scale test program, test site layout, test piles’ 
geometrical and material characteristics, pile instrumentation and measurement devices, 
and pile installation technique, as well as the test setup and procedure. 
 Chapter 4 outlines the site characterisation program. It presents the components of 
the extensive site investigation that includes field seismic cone penetration tests (SCPT), 
standard penetration tests (SPT), boreholes, laboratory testing to obtain the index, 
strength, and stiffness properties of the site soil at low and large strain levels. 
Chapter 5 discusses the design of the test setup and the adopted procedure of the 
dynamic loading. In addition, it provides the measured responses of the test piles 
subjected to harmonic vertical and horizontal vibrations as well as free vibration tests. 
The measured responses of the helical and driven piles are analyzed to establish their 
dynamic parameters using the linear and nonlinear theoretical approaches, taking into 
account the effect of pile installation process. Also, an empirical relationship between the 
pile-soil separation length and maximum vibration amplitude is proposed. 
Chapter 6 provides the results of the axial compression static load tests conducted 
on both helical and driven test piles. The ultimate axial load capacities are interpreted 
from the load-settlement curves and an ultimate load criterion is proposed for large-
capacity helical piles. The ultimate axial load capacity components (skin friction and end 
bearing) are determined. The effect of pile installation and pile-soil setup is investigated 
along a nine month period and the mobilized shear strength parameters by the different 
sections of helical piles are back-calculated. 
Chapter 7 presents the results of the lateral load tests conducted on large-capacity 
helical piles with different inter-helix spacing. The experimental results are utilized to 
establish the distribution of bending moment and soil resistance along the piles and to 
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develop p-y curves for piles tested two weeks after installation and nine months after 
installation. Two models are developed using the LPILE program (ENSOFT INC., 2005) 
in order to simulate the lateral test results and investigate the effect of soil remoulding 
due to pile installation on its lateral performance.   
 Finally, conclusions drawn from this study and recommendations for future 
research are summarized in Chapter 8. 
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CHAPTER TWO 
BACKGROUND INFORMATION AND LITERATURE REVIEW 
 
 
 
2.1 DIFINITION 
A helical (screw) pile consists of one or more helical shaped circular plate(s) affixed to a 
steel central shaft (Figure 2.1). Based on geometrical and design considerations, two 
helical pile categories can be identified, namely: small-diameter helical piles and large-
diameter helical piles. A large-diameter helical pile is formed of a large diameter steel 
pipe with a hollow circular cross-section. 
 
 
2.2 HISTORICAL BACKGROUND 
The first use of helical anchors can be probably traced back to the foundations of the 
Maplin Sands light house in the Thames estuary in 1838 (Little, 1961). However, it was 
not until the nineteen forties when the helical piles emerged as a feasible piling option. 
During this period, helical piles were used as foundations for wharfs and jetties (Wilson, 
1950). In the 1960’s, helical piles have been used successfully for mast and tower 
foundations in the U.S.S.R., Canada, and other countries (Trofimnekov and Mariupolskii, 
1965). Robinson and Taylor (1969) reported the use of helical piles in the construction of 
the guyed towers of two transmission lines extending a length more than 869 km in 
British Columbia. Helical piles were also used in the construction of the conventional 
four legged and guyed type towers for transmission lines in Ontario (Adams and Klym, 
1972).  Taylor et al. (1979) and Valent et al. (1979) discussed the use of helical anchors 
as anchorage for pipelines in marine environments. Carville and Walton (1995) reported 
the use of helical piles in the underpinning and restoration of old and damaged 
foundations and as tieback or soil nails to retain structures and slope sides.   
 Many researchers investigated the performance of helical pile considering various 
pile configurations, soil types, and installation procedures. The research was focussed 
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mainly on the uplift capacity of helical piles as a result of their numerous applications 
that require resistance of tensile forces. Moreover, most research programs and design 
schemes were developed for small shaft diameter helical piles.   
 
 
2.3 GEOMETRY AND INSTALLATION 
Helical piles can be manufactured in different geometrical configurations. There is a wide 
variety of shaft diameters that may range between 89 and 200 mm for axially loaded piles 
and up to 273 mm for laterally loaded piles (Hoyt and Clemence, 1989). With the 
continuing advancement in pilling industry, the diameters of helical pile shafts continue 
to grow. The number of helices may vary from one to four helices upon the load capacity 
required (Bradka, 1997). The pitch and the spacing between helices can be varied so that 
the upper helix follows the lower one during pile installation. The pitch may be defined 
as the distance from the top of an anchor helix to the bottom of the same helix along the 
shaft. The helical pile may be manufactured in single pitch or in multi-helix with equal 
and variable pitches (Ghaly and Hanna, 1991).  
 Figure 2.2 depicts a typical setup for helical pile installation. The pile is installed 
into soil by applying a clockwise turning moment (torque) to the pile shaft, by using a 
hydraulic torque head, while sustaining a constant rate of penetration of the pile helices at 
one pitch per revolution (Bobbitt and Clemence, 1987). An axial compressive force may 
be applied to the shaft to prevent the pile rotation in place without penetrating the soil and 
to maintain the specified penetration rate which minimizes any soil disturbance during 
installation.  
 Helical piles have several advantages. They are easily installed using minimal 
equipment, and can be removed and reused. Furthermore, they allow immediate loading 
upon installation. In addition, in the case of high ground water level, helical piles save 
dewatering and/or pumping of the construction site (Bobbitt and Clemence, 1987). 
Helical screw piles are light in weight and don’t require very heavy drilling rigs, thus 
they are more convenient to be installed in weak soil conditions. 
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Figure 2.1. Geometrical configurations of a helical pile 
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Figure 2.2. Helical pile installation 
 
 
2.4 DESIGN OF SINGLE PILES UNDER COMPRESSION LOADS  
Generally, the ultimate compression load capacity, Qult, of a single pile consists of two 
components. One is due to the end bearing generated at the pile toe, Qb, and the other is 
due to the skin friction resistance mobilized along the pile shaft, Qs, i.e. 
 
                                
                          sstbsbult AqAqQQQ +=+=                                       (2.1) 
 
where: qb = unit end bearing capacity 
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qs = unit skin friction capacity  
At = area of the pile toe 
As = area of the pile shaft 
 
The following sections will provide the indirect methods to calculate ultimate end bearing 
and skin resistance as well as the direct methods using the in-situ soil test results. 
 
2.4.1 End Bearing Capacity  
The bearing capacity of pile foundations are estimated using the same bearing capacity 
theories established for shallow foundations (Terzaghi, 1943; Skempton, 1951; 
Meyerhof, 1963; Vesic, 1975). Terzaghi (1943) used the theory of plasticity to compute 
the bearing capacity for a strip footing presuming that the foundation base is rough, the 
footing is laid at depth, H, which is less than or equal to the minimum footing width, B, 
and the shear strength of the underlying soil is governed by the Mohr-Coulomb failure 
criterion. In addition, Terzaghi neglected the shear strength of the soil above the base of 
the footing. Terzaghi proposed the following equation for the bearing capacity: 
 
                                              γγγ BN.HNCNq qcb ′+′+= 50                                         (2.2) 
 
where: C   = soil cohesion 
 γ'   = soil unit weight 
 Nc, Nq and Nγ  = bearing capacity factors   
 
 For deep foundations, Terzaghi considered the side shear resistance along the 
surface of the pile plus the end bearing of the pile toe. The following expression 
represents the bearing capacity of a circular base deep foundation, where B is pile 
diameter: 
 
                                            γγγ BN.HNCN.q qcb ′+′+= 6031                                      (2.3) 
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 Hansen (1970) proposed the general bearing capacity case, which represents an 
extension of the earlier Meyerhof (1951) work. Hansen equation includes correction 
factors to account for the shape of the footing, depth effect, load inclination, load 
eccentricity, and foundation slope: 
  
                              γγγγγγ idSBN.idSHNidSCNq qqqqccccb ′+′+= 50                     (2.4) 
 
where: Sc, Sq, Sγ = shape factors  
 dc, dq, dγ = depth factors 
 ic, iq, iγ  = load inclination factors 
 
Vesic (1973) proposed a similar procedure with some differences in calculating, 
Nγ, and introduced load inclination factors, i, ground inclination factors, g, and 
foundation base inclination factors, b. Meyerhof (1976) extended Terzaghi’s theory for 
bearing capacity by considering an extended failure surface above the foundation level. 
The bearing capacity factors, Nc and Nq, proposed by Meyerhof are close to those derived 
by Terzaghi for shallow foundations, but the difference is significant at larger embedment 
ratios, H/d, defined as the depth to pile bearing level to pile diameter, d. The ultimate end 
bearing of piles in homogeneous cohesionless or cohesive soils is calculated as follows, 
where drained condition is assumed for cohesionless soils and undrained condition is 
assumed for cohesive soils: 
 
Cohesionless soils                                qb HNq γ ′=                                                       (2.5) 
 
Cohesive soils                                       cub NCq =                                                       (2.6) 
 
where: Cu = undrained shear strength of cohesive soil 
 
According to Meyerhof (1976), the bearing capacity factors, Nc and Nq, increase 
with the embedment ratio H/d and reach maximum values at an embedment ratio of 
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approximately one-half of the critical embedment ratio Hc/d. The critical depth, Hc, is the 
depth below which the unit end bearing capacity and the unit skin friction resistance 
practically remain constant in a homogenous soil due to soil compressibility, crushing, 
arching, etc. If pile is installed to a depth larger than the critical depth in cohesionless 
soils, the unit end bearing is, then, independent of the overburden pressure and it depends 
to a limiting value, ql. The value of ql corresponds to a limiting effective vertical stress at 
the pile toe at failure from about 25 kPa in loose sand to 50 kPa in dense sand: 
 
                                                         φ ′= tanN.q ql 50                                                   (2.7) 
 
where: ql = limit unit end bearing resistance in tons per square foot (100 kPa) 
 Nq = bearing capacity factor for H < Hc 
φ' = effective angle of internal friction 
 
In saturated homogeneous clay under undrained conditions, Meyerhof (1976) 
stated that Nc below the critical depth varies from 5 for very sensitive brittle normally 
consolidated clay to 10 for insensitive stiff overconsolidated clay. However, a value of 9 
is frequently used for bearing capacity calculations for driven and bored piles in clay. On 
the other hand, the Canadian Foundation Engineering Manual, CFEM (2006), 
recommends Nc of 9 for pile toe diameter d < 0.5, Nc = 7 for d between 0.5 and 1.0 m, and 
Nc = 6 for d > 1.0 m.  
 Vesic (1975) proposed a method for estimating the unit end bearing capacity 
based on the spherical cavity expansion theory. According to this theory, the unit end 
bearing capacity of the pile can be computed using bearing capacity factors which are 
estimated based on the angle of internal friction and the reduced rigidity index, Irr: 
 
                                                           
Rv
R
rr I
I
I
ε+
=
1
                                                    (2.8) 
 
where: IR = rigidity index which is calculated using soil shear modulus, G, as: 
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φγ ′′+
=
tanHC
GI R                                                  (2.9) 
 
 εv = volumetric strain 
 
 When undrained condition exists, Irr can be taken equal to IR. Bowles (1996) 
provided some practical ranges for IR. In addition, Baldi et al. (1981) suggested a 
formulation to estimate IR from the friction ratio, Rf, of the cone penetration test results: 
 
                                                               
f
R R
I 170=                                                        (2.10) 
 
Janbu (1976) proposed an equation for calculating bearing capacity factor Nq as a 
function of φ' and an angle ψ, termed as angle of plastification. The angle ψ varies from 
60o for soft clays to 105o for dense sandy soils.  
Kulhawy (1984) extended Vesic (1975) bearing capacity solution based on cavity 
expansion method. Kulhawy presented bearing capacity factors, shape factors, and depth 
factors that depend on the effective angle of internal friction and the rigidity index of the 
foundation soil. For undrained loading condition in cohesive soils (φ' = 0.0) the following 
formulation was proposed to estimate unit end bearing: 
 
                                                    cdcscrcub NCq ζζζ=                                              (2.11) 
 
where, Nc is equal to 5.14; ζcr is the rigidity factor; ζcs is the shape factor; and ζcd is the 
depth factor. Kulhawy mentioned that for rigidity index of 8 or more the value of 
Nc ζcr ζcs ζcd is constant. In addition, the correction factor (Nc ζcr ζcs ζcd) changes 
insignificantly for embedment ratio (H/d) ≥ 5. Thus, it was recommended by Kulhawy 
that assuming the correction factor equals to 9 is a reasonable assumption for deep 
foundations.  
 For drained condition in cohesionless soil, a formulation was developed for 
circular or square foundations as follows: 
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                                           rqdqsqrqb d.HNq γζγζζζγ ′+′= 30                                   (2.12) 
 
where, ζqr and ζγr are the rigidity factors; ζqs is the shape factor; and ζqd is the depth 
factor. Kulhawy mentioned that the second term in the equation is significantly small 
compared to the first term as the embedment ratio (H/d) increases. It was concluded that 
for piles with H/d > 4 to 5, the second term in equation was found to be less than 10% of 
the first term. Thus, the second term could be safely neglected.  
 
2.4.2 Skin Friction Capacity 
The displacement required to mobilize the maximum skin friction is quite small and is 
relatively independent of the foundation or soil type (Kulhawy, 1984). The required 
displacement is of the order of only 0.3 to 1.0% of the pile diameter (Tomlinson, 1994) or 
in the range of 5 to 10 mm (Kulhawy, 1984). Resistance to applied loads from skin 
friction along the shaft increases with depth to a maximum, then remains almost constant 
toward the toe. Side friction is hard to accurately estimate, especially for foundations 
constructed in augered or partially jetted holes or foundations in stiff, fissured clays (U.S. 
Army Corps of Engineers, 1992). This is ascribed to pile installation effect on reducing 
shear strength of soil to the remoulded strength especially in sensitive clays. The skin 
friction capacity can be computed using the α method (total stress method) for cohesive 
soils or the β method (effective stress method) for either cohesionless or cohesive soils. 
 
2.4.2.1 The α method 
The general method for computing the skin resistance along pile’s shaft was proposed by 
Tomlinson (1971), which can be simplified in the form of adhesion resistance along pile 
shaft, i.e. 
 
                                                                us Cq α=                                                       (2.13) 
 
where α is the adhesion factor, which is considered a reduction factor to the shear 
strength of soil in contact with the pile shaft. Due to the difficulties in estimating a 
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reasonable adhesion factor for cohesive soils, especially for stiff, fissured clays, local 
experience with existing soils and load test results should be used to estimate appropriate 
α value. There are many methods proposed in the literature to estimate the adhesion 
factor in cohesive soils. Some of these methods are described below: 
 
Driven piles: 
1. Based on the analysis of load test data of driven piles installed in soft to very stiff clay, 
Tomlinson (1957) recommended that the adhesion be expressed as a percentage of the 
undisturbed cohesion of the clay falls from about 100 in case of very soft clays to 20 in 
very stiff clays. Tomlinson ascribed the loss in adhesion in stiff to very stiff clays to the 
loss of the shear strength by remoulding and the presence of a partial gap between the 
driven pile and the soil. Figure 2.3 presents the relationship proposed by Tomlinson 
(1957) to estimate adhesion. Tomlinson (1994) proposed design curves and tabulated 
guidelines for the adhesion factors for displacement piles carrying light to moderate 
loading driven into stiff clays. Most of the data used to develop the curves and guidelines 
were derived from loading tests on piles of solid section or closed-end tubular piles. The 
method is not applicable to tubular piles driven with a projecting base plate or an external 
stiffening ring. 
 
2. Weltman and Healy (1978) provided design curves to estimate the adhesion factor 
based on load tests conducted on driven and cast-in-place piles installed in glacial till. In 
addition, a curve for the case of bored piles was proposed (Fig. 2.4).   
 
3. Randolph and Wroth (1982) showed that the undrained cohesion to effective 
overburden pressure ratio, Cu/σ'vo, could be correlated with the adhesion factor, and 
Semple and Rigden (1984) proposed a correlation based on pile load tests on open-end 
piles either plugged with soil or concrete. A length factor, F, was proposed in order to 
reduce the values of α in order to account for the effect of pile flexibility and slenderness 
ratio: 
   
                                                              us CFq α=                                                      (2.14) 
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4. API (1984) reported ranges for α for different ranges of Cu: 
 
                                         α = 1.0 (Cu ≤ 25 kPa)                (2.15a) 
                                         α = 0.5 (Cu ≥ 70 kPa)                           (2.15b) 
                                         α = 1.0 – [(Cu-25)/70] (25 ≤ Cu ≤ 70 kPa)   (2.15c) 
 
5. Canadian Foundation Engineering Manual, CFEM (2006) proposed a design chart for 
estimating the adhesion factor α. The proposed curve is quite similar to that proposed by 
Tomlinson (1957) for driven concrete piles. Figure 2.5 depicts the CFEM proposed chart, 
in which for Cu < 100 kPa, α varies between 0.5 and 1.0.   
 
Drilled shafts: 
1. Stewart and Kulhawy (1981) suggested α be estimated based on the soil plasticity 
index, 15 < IP < 80, and stress history represented in the form of overconsolidation ratio, 
OCR, i.e. 
 
                   Overconsolidated:   α = 0.7 – 0.01 IP             (2.16a)  
                   Slightly overconsolidated (OCR ≤ 2): α = 0.9 – 0.01IP  (2.16b) 
                   Normally consolidated:   α = 0.9 – 0.004IP  (2.16c) 
 
2. O’Neill and Reese (1999) provided a procedure and guidelines to obtain the adhesion 
factor for both straight-sided shaft piles and for belled piles. For the upper 1.5 m (5 ft) of 
the shaft, the researchers neglected the skin resistance (α = 0.0). Also, in the case of 
compression loading, the adhesion was neglected along a distance of one shaft diameter 
from the pile toe in case of straight-sided shafts and one shaft diameter from the top of 
the bell in the belled shafts. For the other zone of the shaft the adhesion factor is: 
 
                        α = 0.55  for  Cu ≤ 150 kPa      (2.17a) 
                        α = 0.55 – 0.1(0.01Cu – 1.5)  for  150 ≤ Cu ≤ 250 kPa  (2.17b) 
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2.4.2.2 The β method 
Burland (1973) developed a simple design equation to estimate the skin friction using the 
effective stress analysis: 
 
                                                  vovoss tanKq σβδσ ′=′=                                           (2.18) 
 
where, Ks is the coefficient of lateral earth pressure; δ is the soil-pile interfacial friction 
angle; and β is the combined shaft resistance factor. The difficulty involved in the 
calculation of the skin friction capacity factor β is the estimation of Ks. In reality, Ks    
depends on many factors such as the angle of internal friction, φ', method of installation, 
compressibility, and stress state of soil, etc. The pile installation method has a great effect 
on the magnitude of Ks. Generally, the value of Ks for high-displacement piles is higher 
than that for low-displacement piles. 
 Kulhawy (1984) provided estimates for Ks as a ratio to the original at-rest 
coefficient of lateral earth pressure, Ko, for driven, drilled and jetted piles in sand. For 
example Kulhawy stated that for drilled and cast-in place piles, Ks/Ko ranges between 2/3 
and 1 and for driven piles (small displacement piles), Ks/Ko ranges between 3/4 and 5/4. 
Meyerhof (1976) proposed a design chart to obtain Ks based on the pile installation 
method and the effective angle of internal friction of sand. In addition, Meyerhof 
developed curves to estimate β for driven and drilled piles (Fig. 2.6). It is worth noting 
that Meyerhof’s design charts cannot be used for piles longer than about 15 to 20 pile 
diameter because the unit skin friction becomes independent of the average overburden 
pressure along the shaft. The CFEM (2006) suggested that for bored piles Ks is equal to 
Ko, while for driven displacement piles, Ks is twice Ko. 
 Kraft and Lyons (1974) recommended that β for drilled piles in sand can be 
calculated as β = f tan(φ'-5), where f is about 0.7 for piles under compression loads. 
Kulhawy (1984) suggested typical values for the soil-pile interfacial friction angle, δ, as a 
ratio of φ'. Kulhawy recommended that δ/φ' ranges between 0.5 and 0.7 for interface 
between sand and smooth steel piles. Fleming et al. (1992) provided some values for β 
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for both cast-in-place piles and driven piles installed in sand. Fleming reported that for 
dense sand, β ranges from 0.4 to 0.6 for cast-in-place piles and from 0.8 to 1.2 for driven 
piles. 
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2.4.3 Direct Approaches: Capacity by Cone Penetrometer   
Cone penetration testing (CPT) has been used extensively in Europe to predict axial 
capacity of piles, with superior performance compared to most conventional methods 
(Tand and Funegard, 1989; Lunne et al., 1997). Lunne et al. (1997) emphasized on 
utilizing reduction factors to the measured CPT values to empirically account for the 
scale effect (DeBeer, 1963), rate of loading effect, difference of insertion technique, 
position of the CPT friction sleeves, and differences in horizontal soil displacements.  
Many methods have been proposed to predict the axial pile capacity such as the 
Schmertmann (1978), De Ruiter and Beringen (1979), and the LCPC method by 
Bustamante and Gianeselli (1982). These methods have been evaluated by Robertson et 
al. (1988), Briaud (1988), Sharp et al. (1988), and Tand and Funegard (1989) through the 
results of full-scale case studies. It showed that the methods that provided the best 
prediction of piles’ capacities were that of Bustamante and Gianeselli (1982) followed by 
those of De Ruiter and Beringen (1979) and Schmertmann (1978). 
 
2.4.3.1 Bustamante and Gianeselli method (LCPC method) 
The method was developed based on the analysis of 197 full scale compression and 
tension load tests with different foundation types and soil profiles. The pile unit skin 
friction, qs, is calculated from the measured cone tip resistance, qc, divided by a friction 
coefficient, αLCPC, while the unit end bearing, qb, is calculated using the equivalent 
average cone resistance, qca, multiplied by an end bearing coefficient, kc, as follows: 
 
                                                                                        CPCLcs /qq α=                                                 (2.19) 
                                                                                              cacb q.kq =                                                    (2.20)    
 
The choice of the values of αLCPC and kc is based on the various types of the site 
soils and piles (Bustamante and Gianeselli, 1982), while the equivalent average cone 
resistance qca is calculated as described by Lunne et al. (1997) and in Fig. 2.7. The first 
step is to calculate the mean cone tip resistance, q'ca, along a distance between +a and –a 
measured from the pile toe, where a is 1.5 times the pile diameter. The second step is to 
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eliminate values higher than 1.3 q'ca along the length +a  to –a, and the values lower than 
0.7 q'ca along the length –a, which produce the shown thick curve. The third step is to 
calculate the mean value of the thick curve, qca. 
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Figure 2.7. CPT method to determine equivalent cone resistance at pile base (after 
Bustamante and Gianeselli, 1982) 
 
 
2.4.3.2 De Ruiter and Beringen method 
The method devised by De Ruiter and Beringen (1979) is summarized by Lunne et al. 
(1997). In clays, the undrained shear strength, Cu, is computed from cone tip resistance 
using the available correlations (Lunne et al., 1997). Then, the pile end bearing and skin 
friction are obtained by applying suitable factors. In sands, it was found that the pile end 
bearing is governed by the cone resistance over an influence zone of 0.7 to 4.0 pile 
diameters below the pile toe and 8.0 pile diameters above the pile toe. The procedure to 
obtain qp is manifested in Figure 2.8a. In overconsolidated sands, De Ruiter and Beringen 
proposed Figure 2.8b to compensate for any reduction in pile capacity due to driving 
process.  
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Figure 2.8. CPT method by De Ruiter and Beringen (1979): a) predicting pile capacity; 
b) correction for overconsolidated sand 
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2.5 DESIGN OF HELICAL PILES UNDER COMPRESSION LOADS 
Many researchers have developed analytical methods to calculate the capacity of helical 
piles under either compression or uplift loading (Mitsch and Clemence, 1985; Mooney el 
al., 1985; Narasimha Rao et al., 1991; Narasimha Rao et al., 1993). Many of the design 
methods were established based on the individual plate anchors theories such as those 
developed by Adams and Hayes (1967) and Meyerhof and Adams (1968). The helical 
pile design methods are similar to those proposed for the design of under-reamed cast-in-
place piles (Narasimha Rao et al. 1993). Likewise, the helical plates affixed on helical 
piles increase the capacities significantly as do the under-reams in the under-reamed 
piles. Based on the experimental studies accomplished by Narasimha Rao et al. (1991) 
and Zhang (1999), it can be concluded that the behaviour of helical piles under 
compression and tension loads is very similar. Thus, the design methods are considered 
to be interchangeable.   
The installation of helical piles in cohesive soils can cause remoulding of the 
cohesive soil in the zone affected by the pile helices. This remoulding can introduce 
fissures within the pile cylindrical failure surface and surface heaving (Mooney el al. 
1985; Bradka, 1997; Zhang, 1999). Thus, the shear strength of cohesive soil decreases 
from the peak to the residual value along the affected zone. In cohesionless soils, 
screwing the pile induces stress changes in the soil due to the accompanied soil 
disturbance. The disturbed zone is weak enough to cause a cylindrical failure surface 
around the pile (Vesic, 1971). Clemence and Pepe (1984) and Mitsch and Clemence 
(1985) through field and laboratory tests reported that during helical anchors installation, 
the sand in contact with the helices was displaced laterally, which in turn densified the 
surrounding sand and increased the lateral stress. This observation may not be always 
true. Depending on the density of sand, stress level, and shear strain level, dilation may 
take place.  
 Based on the monitored failure modes formed around helical anchors and piles 
installed in cohesive and cohesionless soils, there are two common design methods for 
helical piles, namely: the cylindrical shear method and the individual plate bearing 
method. These methods are described in the following subsections while emphasising on 
the compression capacity of helical piles.  
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2.5.1 Cylindrical Shear Method   
The cylindrical shear method was developed by Mooney et al. (1985) where a cylindrical 
failure surface is assumed between the top and bottom helices (Fig. 2.9a). The ultimate 
compression capacity of the pile is the sum of the bearing resistance of the bottom plate, 
Qbearing, the frictional resistance along the cylindrical failure surface, Qcylinder, and the 
frictional resistance along the pile shaft, Qshaft.  
 
2.5.1.1 Piles in cohesive soils 
For short term loading, the undrained shear strength, Cu, is used to calculate the pile 
ultimate compression capacity. Thus, the soil in the remoulded zone encompassed in the 
cylindrical failure surface and above the top helix is considered highly disturbed 
compared to the soil underneath the bottom helix.  
 To predict the compression capacity of helical piles, the analytical model 
proposed by Narasimha Rao et al. (1993) for predicting the uplift capacity is adopted: 
 
 
                                              
( ) ( ) ( ) ueffuccuthult CdHCDLNCAAQ αππ +++=                     (2.21) 
 
where: Qult = ultimate compression capacity 
Ah = area of the bottom helix 
 At = area of the pile toe 
 d = pile shaft diameter 
 D = helix diameter 
 Lc = distance between top and bottom helices 
 Heff = effective length of the shaft  
  
 The effective length of the shaft is the length that contributes to the adhesion 
resistance. Zhang (1999) recommended that Heff = H-D, where H is the embedment depth. 
This length of the shaft, which is equal to D, showed no mobilization of shaft resistance 
because of the shadowing effect above the top helix. Narasimha Rao et al. (1989) and 
Narasimha Rao et al. (1991) reported the important effect of the inter-helix spacing ratio, 
S/D, on the failure mechanism of the laboratory tested model helical piles under 
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compression and uplift loads. In general, they showed that the cylindrical shear method 
favourably predicted the ultimate compression capacity of helical piles with S/D ≤ 1.5 
and over-predicted the capacity for higher S/D ratios. It was observed that for S/D = 2.3 
the failure was incomplete cylindrical surface and for S/D = 4.6 there was no cylindrical 
failure surface. However, a spacing ratio factor, SF, was proposed by Narasimha Rao et 
al. (1993) for piles with S/D > 1.5 in order not to over-predict the pile capacity. The 
spacing ratio factor is introduced in Eq. 2.22 by multiplying it to the term that calculates 
the shear resistance along the cylindrical surface. 
 
01.SF =                                              for S/D ≤ 1.5                             (2.22) 
( )DS...SF −+= 5306906830  for 1.5 ≤ S/D ≤ 3.5   
( )DS...SF −+= 641480700  for 3.5 ≤ S/D ≤ 4.6 
 
Hoyt and Clemence (1989) suggested that for S/D > 1.5, the individual plate 
bearing method provides better capacity estimate. The field testing conducted by Zhang 
(1999) showed that the cylindrical shear method provided better capacity prediction for 
multi-helix piles with S/D ≤ 3.0 for either compression or uplift loads. For piles with S/D 
> 3.0, the capacity could be favourably predicted using the individual plate bearing 
method. In addition, Zhang stated that the adhesion resistance along the pile shaft should 
be considered in case of providing sufficient installation depth and in case of shallow 
piles of embedment ratio, H/D < 3.0, the shaft adhesion was insignificant and could be 
neglected.   
 
2.5.1.2 Piles in cohesionless soils 
The formulation proposed by Mitsch and Clemence (1985) using the cylindrical shear 
method can be adopted to obtain the ultimate compression capacity of helical piles 
installed in sand: 
 
                              
( ) φγπφπγ ′′+′




+′+= tanKdHtanKDLNHAAQ seffscqnthult 22 22  
     (2.23) 
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where: Hn = depth to bottom helix 
 
 Zhang (1999) reported that the cylindrical shear method provides better prediction 
of the compression capacity of piles with S/D ≤ 2.0, while for S/D > 2.0 bearing failure 
under each helix occurred without interference with each other.  Moreover, for shallow 
piles with H/D < 5.0, Zhang recommended that the ultimate compression capacity of 
helical piles could be the sum of the bearing capacity of the bottom helix and the 
frictional resistance along the soil cylinder enclosed between helices with no pile shaft 
resistance considered. 
 
2.5.2 Individual Plate Bearing Method   
The individual plate bearing method calculates the compression capacity of the helical 
piles by assuming an individual bearing failure occurs below each helix plate (Fig. 2.9b). 
Thus, the ultimate compression capacity of the pile is the sum of the bearing resistance of 
all plates, Qbearing, and the frictional resistance along the pile shaft, Qshaft.  
 
 For cohesive soils, the individual plate bearing method can be adopted for piles 
with S/D > 2.0 to 3.0 (Narasimha Rao et al. 1993; Zhang, 1999). The method was first 
adopted to predict the uplift capacity of helical anchors installed in field by Adams and 
Klym (1971), Adams and Radhakrishna (1971), and Johnston and Ladanyi (1974) and the 
results were in good agreement with the predicted capacities. Narasimha Rao et al. 
(1993) experimental results showed that for S/D > 2, the shaft adhesion between the 
helices was mobilized while a length corresponding to 1.0D to 2.0D was not effective. 
Thus, the shaft adhesion between helices should be counted over inter-helix spacing in 
excess of 1.5D to 2.0D. It is worth noting that the provisions provided in Section 2.5.1.1 
regarding the effect of H/D on calculating the pile shaft adhesion are considered here. 
Equation 2.24 provides the estimation of the ultimate capacity of helical piles in cohesive 
soils using the individual plate bearing method. 
 
      
    
                                          
( ) ( ) ueffcuhcutult CdHNCANCAQ απ+∑+=                        (2.24) 
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For cohesionless soils, the individual plate bearing method can be used as 
reported by Zhang (1999) for the case of S/D > 2.0, while Mitsch and Clemence (1985) 
assumed that the cylindrical shear method is suitable for cohesionless soils for S/D > 2.0. 
Equation 2.25 provides the formulation required to calculate the ultimate compression 
capacity of helical piles using the individual plate bearing method.  
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Figure 2.9. Failure modes: a) cylindrical shear method; b) individual plate method  
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2.6 DYNAMIC ANALYSIS OF PILES 
 
2.6.1 Theoretical Studies  
Various approaches have been developed for the analysis of dynamic response of piles. 
The approaches vary in terms of level of complexity. Some approaches were developed 
for frequency domain analysis, where the effect of excitation frequency was deemed to be 
most important and thus was accounted for in the analysis. Other approaches were 
developed for the time domain analysis, which can account for the effects of nonlinear 
behaviour of soil. The most popular of these approaches are those based on numerical 
solutions such as finite element analysis. 
 
2.6.1.1 Continuum approach  
The elastic continuum method was based on the closed-form solution of Mindlin (1936) 
for the application of point loads to a semi-infinite mass. The continuum approach 
accounts rigorously for the radiation of energy to infinity, known as radiation damping, 
through the pile complex impedance functions. Its main disadvantage is that in general it 
is only applicable to elastic or visco-elastic materials. Another drawback is that the 
nonlinear behaviour can only be accounted for by changing the elastic modulus of the full 
space and it does not allow for local yielding. Despite its limitation, this analysis is useful 
for understanding the dynamic pile-soil interaction phenomenon.  
Tajimi (1969) proposed a solution for dynamic soil-pile interaction based on 
elastic continuum theory using a linear Kelvin-Voigt visco-elastic stratum to model the 
soil. This method was modified and extended by Tazoh et al. (1987) to include 
superstructure inertial effects. Novak (1974) introduced an approximate continuum 
approach based on the analytical solution of Baranov (1967) and Novak and Beredugo 
(1972) for embedded footings to account for soil-pile interaction in a relatively simple 
manner. The approach assumed only horizontally propagating waves and independent 
infinitesimally thin horizontal soil layers that extend to infinity, and accounted for the 
pile end condition. This model could be viewed as a generalized Winkler medium that 
possessed inertia and with capability to dissipate energy. It was further presumed 
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individual, vertical piles and that the motion of the pile was harmonic and limited to a 
vertical plane. The results were presented in terms of dimensionless parameters 
incorporating closed form formulas to calculate the pile stiffness and damping for all 
modes of vibration. The stiffness and damping of a single pile under vertical vibration 
was given by: 
 
                                                           1
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where, 1vvk  is the stiffness constant; 
1
vvc  is the damping constant; Ep is Young's modulus 
of pile; Vs  is the shear wave velocity of soil; R is the pile radius; A is the area of pile 
cross section; ƒv1 is the dimensionless stiffness parameter; and ƒv2 is the dimensionless 
damping parameter. This model can provide good results for high frequency dynamic 
loading, but poor results for very low frequencies and static conditions. 
Nogami and Novak (1976) studied the vertical dynamic behaviour of elastic end 
bearing piles. The soil was assumed to be visco-elastic, homogeneous, and isotropic 
medium and overlies rigid bedrock. Novak (1977) extended the continuum approach to 
investigate the vertical dynamic response of elastic floating piles by accounting for the 
sensitivity of response to the pile toe condition (end-bearing or floating). Novak and 
Nogami (1977) investigated the resistance of a soil layer to steady-state horizontal 
vibration of an elastic end bearing pile. The soil was modeled as linear viscoelastic 
medium overlaying rigid bedrock. It was found that at high frequency, the horizontal 
stiffness of the soil layer diminishes and reaches a negative value in some cases. Nogami 
and Novak (1977) analyzed the interaction between the lateral behaviour of end bearing 
piles, considering perfect bonding between the pile and soil. It was shown that the 
dynamic stiffness and damping of the soil-pile system depend on a number of 
dimensionless parameters such as slenderness ratio, wave velocity ratio, frequency, 
Poisson's ratio of soil, and mass ratio. 
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Novak et al. (1978) presented an analytical approach to evaluate soil reactions to 
harmonic motion for plane strain case of an embedded cylindrical body in terms of linear 
viscoelasticity. They assumed that: 1) the soil medium was infinite, homogeneous, 
isotropic, and viscoelastic; 2) the cylinder was rigid, circular, massless, and infinitely 
long; 3) no separation was allowed between the cylinder and soil; 4) the displacements 
were small; and 5) the vibration was harmonic. The soil reactions were provided in terms 
of complex soil stiffness per unit length of the vibrating cylinder and defined for the 
individual vibration direction as: 
 
Vertical:                            ( ) ( )[ ]sovsovv D,aiSD,aSGk 21 +=                            (2.28) 
 
Horizontal:                       ( ) ( )[ ]oouoouu D,,aiSD,,aSGk νν 21 +=      (2.29) 
 
Rocking:                          ( ) ( )[ ]soso D,aiSD,aSGRk 212 ψψψ +=                            (2.30) 
 
In these expressions, Sj1 and Sj2 are the real and imaginary parts of the 
dimensionless complex stiffness in direction j, respectively. The dimensionless 
parameters, Sj1 and Sj2, depend on dimensionless frequency, ao, Poisson's ratio, v, material 
damping, Do, and dimensionless damping constant, Ds. 
Novak and Aboul-Ella (1978a, 1978b) presented an approximate analytical 
solution to calculate impedance functions (stiffness and damping) of elastic piles 
embedded in layered soil. The approach used the soil reactions derived by Novak et al. 
(1978) and represented the pile by frame elements. The approach incorporated three 
factors: the variation of soil properties with depth; the imperfect fixity of the pile toe; and 
the material damping of soil. The calculated impedance functions were complex and 
frequency dependant. It was found that the proposed model was capable of predicting the 
dynamic behaviour of experiment piles and that the variability of soil stiffness with depth 
had to be considered even with uniform deposits. On the basis of continuum model, 
Nogami and Novak (1980) determined the dynamic soil reactions to pile motion 
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modeling soil as discrete springs and dashpots. This approximate soil model yielded 
reasonable results under the dynamic condition. 
Novak and Sheta (1980) extended the work by Novak and Aboul-Ella (1978a, 
1978b) and Novak et al. (1978) to account approximately for the effects of soil 
nonlinearity, slippage, and loose material in the zones of high stresses around piles or 
embedded footings. They proposed an annular boundary zone around the pile 
characterized by a reduced shear modulus and increased material damping relative to the 
surrounding homogeneous soil medium. The cylindrical zone was considered massless to 
prevent wave reflection and refraction from the boundary between the cylindrical zone 
and the outer medium. The inclusion of the cylindrical soft zone most often reduced the 
stiffness and damping of embedded foundations. The complex stiffness of single pile in 
composite medium for different modes of vibration was derived using the developed soil 
reactions, as follows:  
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where, mvK , muK  and ψmK  are the total stiffness of single pile for vertical, horizontal, 
and rocking vibrations, respectively, in composite medium; 1mvf  and 2mvf  are the 
dimensionless vertical stiffness and damping constants of the composite medium; 1muf  
and 2muf  are the dimensionless horizontal stiffness and damping constants of the 
composite medium; 1ψmf  and 2ψmf  are the dimensionless rocking stiffness and 
Chapter 2                                                                                                                                           
 
 
30 
 
damping constants of the composite medium; I  is the moment of inertia of pile; R  is the 
radius of pile; and tV  is the shear wave velocity in the lowest layer of soil at the pile toe. 
An approximate method for vertical vibration of pile group was presented by 
Sheta and Novak (1982). The method accounted for dynamic interaction of piles in a 
group, weakening of the soil around the pile due to high strain, soil layering and arbitrary 
toe conditions. They showed that the effect of frequency was much stronger for pile 
groups than for single piles. Novak and El Sharnouby (1983) presented single pile 
stiffness and damping constants for fixed or pin headed piles and end bearing or floating 
piles in the form of tables and charts for both vertical and horizontal vibrations. Novak 
and his co-workers developed the computer code DYNA 6 (El Naggar et al., 2011), in 
which they implemented these methods of analysis for single and groups of piles for 
different modes of vibration. 
One of the simplifications involved in the original boundary-zone concept (Novak 
and Sheta, 1980) was that the inner zone was neglected to avoid the wave reflections 
from the interface between the inner boundary and the outer boundary. To overcome this 
problem Veletsos and Doston (1986) proposed a scheme that can account for the mass of 
the boundary zone. Some of the effects of the boundary-zone mass were investigated by 
Novak and Han (1990) and It was found that a homogenous boundary zone with a non 
zero mass yields undulated impedances due to wave reflections from the fictitious 
interface between the near field and the far field. To solve this problem, El Naggar (1997, 
2000) proposed a model of ideal boundary zone with non-reflective interface. 
El Naggar and Novak (1994a, 1994b) presented a model for the analysis of axial 
pile response allowing for nonlinear soil behaviour, energy dissipation through radiation 
damping, soil hysteresis, and the loading rate dependency of the soil resistance. A model 
for lateral response of pile to transient and harmonic loading was presented by El Naggar 
and Novak (1995) allowing for nonlinear soil behaviour, discontinuity conditions at the 
pile-soil interface and energy dissipation through different types of damping. The 
approach was used to establish equivalent linear stiffness and damping parameters of 
single pile as well as dynamic interaction factors for approximate nonlinear analysis of 
pile groups under lateral vibration. El Naggar and Novak (1996) presented an analysis for 
lateral response of single and group pile to transient and harmonic loading. The validity 
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of the approach was examined and a reasonable agreement was noted between the 
theoretical and experimental results. 
The rocking impedance of flexible sidewall in embedded foundations was studied 
by Saitoh and Watanabe (2004) in a homogenous elastic stratum based on three 
dimensional wave propagation theory. The rocking impedance exhibited a significant 
decrease with increase of the height to radius ratio of the foundations over the entire 
range of normalized frequency. Chau and Yang (2005) used the continuum approach in 
three dimensional analysis of circular pile and accounted for the nonlinear behaviour of 
soil in the vicinity of piles. They evaluated the pile dynamic stiffness considering soil 
nonlinearity, pile slenderness ratio, toe condition, and frequency and magnitude of 
vibration. 
 
2.6.1.5 Finite element method  
The finite element analysis (FEA) offers a powerful tool to address geotechnical 
engineering problems through dividing the soil medium into small elements. Yegian and 
Wright (1973) implemented an FEA with a radial soil-pile interface element that 
described the nonlinear lateral pile response of single piles and pairs of piles to static 
loading. Blaney et al. (1976) used a finite element formulation with a consistent 
boundary matrix to represent the free field, subjected to both pile head and seismic base 
excitations, and derived dynamic pile stiffness coefficients as a function of dimensionless 
frequency. Emery and Nair (1977) studied an axisymmetric finite element model that 
incorporated non-symmetric free-field acceleration boundary excitations from wave 
propagation analyses. Wolf (1985) introduced a transmitting or absorbing fictitious 
boundary at a sufficient distance from the pile in order to limit the mesh size for elastic 
dynamic loading conditions. 
Kuhlemeyer (1979a) presented the FEA results for the vertical response of pile-
soil systems. The results of vertical pile response obtained from a lumped mass model 
were compared with the response calculated based on the FEA. A beam bending finite 
element of circular cross section was formulated by Kuhlemeyer (1979b) to obtain an 
economical solution to the three dimensional (3D) problem of static and dynamic 
laterally loaded piles embedded in elastic media. The fundamental solution for a pile 
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embedded in an elastic half-space was presented in terms of the static solution multiplied 
by the associated complex frequency-dependent factors. Angelides and Roesset (1981) 
studied the effect of nonlinear soil behaviour on the dynamic response of single pile 
subjected to lateral load using FEA. It was indicated that as the level of force increased, 
there was an increase in internal soil damping but a decrease in radiation damping. A 
simplified expression was developed by Randolph (1981) for the response of single and 
group piles based on a parametric study using FEA. Dobry et al. (1982) performed a 
parametric study of the dynamic response of single piles in uniform soil and proposed 
revised pile stiffness and damping coefficients. Lewis and Gonzalez (1985) compared 
field test results of the drilled piers with that obtained by a 3D FEA incorporating 
nonlinear soil response and soil-pile gapping. 
A quasi-three-dimensional FEA was proposed by Wu and Finn (1997a, 1997b), 
where the soil was modelled using eight-noded brick elements having only one 
translational degree of freedom at each node, in the direction of shaking. The element 
stiffness, mass, and damping matrices were obtained from a simplified differential 
equation of dynamic equilibrium in the direction of shaking. Dynamic soil-pile 
interaction was considered by enforcing displacement compatibility between the pile and 
soil. The method was validated against existing elastic solutions and low amplitude field 
vibration test. It was found that the proposed FEA was accurate and efficient. Bentley and 
El Naggar (2000) developed a 3D finite element model that considers the soil 
nonlinearity, discontinuity conditions at the soil-pile interface, energy dissipation, wave 
propagation, and actual in-situ stress conditions, to evaluate the kinetic soil-pile 
interaction. 
Maheshwari et al. (2004a, 2004b) used 3D FEA to obtain the pile response under 
seismic excitation with a load applied to the pile cap and considering the effects of 
material nonlinearity in the soil and separation at the soil-pile interface on the dynamic 
behaviour of single and group piles. Maheshwari et al. (2005) studied the effect of 
nonlinearity on the free-field response as well as pile head response by three dimensional 
FEA. It was found that the nonlinearity of soil had significant effects on the pile response 
for low and moderate frequencies of excitations while at high frequencies its effects were 
not that significant. 
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Ayothiraman and Boominathan (2006) presented a two dimensional (2D) soil-pile 
interaction finite element model to predict the pile response subjected to dynamic lateral 
loads. The pile was idealized as an elastic beam element and the soil was modelled based 
on 15 nodded triangular elements using Mohr-Coulomb criterion. It was found that the 
2D finite element model predicts the dynamic soil-pile interaction to lateral vibration 
reasonably well. 
Emani and Maheshwari (2009) used 3D coupled FEA for dynamic analysis of pile 
groups with embedded pile cap in homogenous elastic soils. The pile-soil system of the 
near-field was modelled using solid finite elements, and the unbounded elastic soil 
system of the far-field is modelled using the consistent infinitesimal finite element cell 
method (CIFECM) in the frequency domain. A parametric study was conducted to 
evaluate the effects of pile spacing and thickness of pile cap on the dynamic impedances 
of 2x2 pile groups. The dynamic response of coupled soil-pile-structure systems was 
studied by Rovithis et al. (2009) using 3D FEA. A single degree of freedom structure 
supported on a single pile embedded in soft soil was parametrically studied emphasizing 
on the vibrational characteristics of the soil-structure system and the dynamic bending of 
pile. 
 
2.6.2 Dynamic Response of Pile Foundations: Experimental Study 
 
2.6.2.1 Full scale field test 
Full-scale piles are installed in natural soil deposits and often loaded by a rigid concrete 
or steel test body. The purpose of this test body is to reduce the pile-test body resonant 
frequencies to bring them within the frequency range of the exciter. Without the 
additional mass of the test body, a fully embedded pile tends to have very high natural 
frequency and its response is difficult to analyze. Two types of pile dynamic tests can be 
conducted: forced (steady state) vibration test and free vibration (plucking) test. 
In the forced vibration test, an exciter is mounted on top of the pile to generate a 
harmonic force of variable frequency. The pile response at different frequencies is 
measured using either vibration pickups or accelerometers. Such tests were conducted for 
both vertical and horizontal vibrations by many researchers. Gle and Woods (1984) 
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conducted steady state dynamic lateral load tests on a full-scale pipe pile in the field. A 
total of 55 steady state vibration tests were conducted on eleven piles at three sites. The 
observed dynamic lateral responses were compared with two degree of freedom solution. 
Jennings et al. (1984) described slow cyclic and dynamic load testing of two free head 
piles in saturated silty sand. The dynamic loading sequences were aimed at investigating 
the influence of load level on the dynamic response of the piles. 
Puri and Prakash (1992) conducted full-scale vibration tests on a 17 m single 
driven pile. The observed responses were compared with the response calculated using 
the Novak's continuum approach (Novak, 1974).  Blaney et al (1987) conducted large 
amplitude vertical vibration tests on a full-scale pile group installed in overconsolidated 
clay and monitored the behaviour of the instrumented piles subjected to concentric low 
frequency dynamic vertical load. 
Vaziri and Han (1991) conducted dynamic tests on full-scale concrete piles 
subjected to strong horizontal excitation. The study was concerned with the evaluation of 
the theoretical solutions in matching the observed field data and to investigate the 
influence of a thin, near-surface frozen soil on the pile response. The test piles were cast-
in-place reinforced concrete piles of 0.32 m diameter and 7.5 m length, installed in a 
relatively homogeneous silty clay formation. Piles were tested under different excitation 
intensities during winter and summer seasons to assess the influence of the frozen soil 
layer and nonlinearity induced by soil yielding or pile separation on the measured 
response.   
Vaziri and Han (1992) studied the nonlinear response of full-size pile groups 
under lateral harmonic excitation. A comprehensive study involving both theoretical 
analysis and field testing was undertaken. Field tests were performed on a pile group 
comprised of six cast-in-place reinforced concrete piles, embedded in homogenous silty 
clay. The theoretical calculations for matching the observed field data were made using 
the dynamic interaction factor approach. Han and Vaziri (1992) performed dynamic tests 
on full-scale pile groups subjected to lateral loading in the field, first during winter and 
then in summer. Using frequency response curves of stiffness, damping and displacement 
amplitude of pile group, the influence of pile-soil-pile interaction and the frozen soil layer 
on the dynamic behaviour of the pile group were studied. 
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El Marsafawi et al. (1992) conducted filed experiments on two pile groups 
supporting rigid foundations and subjected to harmonic loading. The first pile group 
consisted of six steel pipes of length 3.05 m and outside diameter of 0.102 m driven in a 
layer of cohesionless soil. The second group consisted of six cast-in-place concrete piles 
of 7.0 m in length and 0.32 m in diameter constructed in a clay site. The objective was to 
investigate the ability of linear elastic theories of pile group modeling to predict the 
dynamic response characteristics. Sy and Siu (1992) performed forced vertical vibration 
testing of a full-scale cast in situ expanded base concrete pile supporting a structural 
mass. An electromagnetic shaker was used to generate random broadband and sinusoidal 
excitation to the mass in the vertical, horizontal, and rocking modes. The measured 
response frequency functions from the subsequent sinusoidal frequency sweep tests were 
compared to the theoretical results calculated based on a plane strain approximate 
solutions and measured in situ shear were wave velocity data. 
In the plucking tests, free vibration of the pile is triggered by an initial deflection 
or impulse and the response is recorded and analyzed. Chandrasekaran et al. (1975) 
conducted free vibration tests of pile foundation and it was concluded that the free 
vibration characteristics of soil-pile system in the lateral direction were mainly depended 
on the sustained vertical load level, the flexibility of the pile in relation to the soil 
stiffness. For pile groups, it was observed that the spacing and number of piles in the 
group alter the free vibration characteristics. Zhu et al. (1992) evaluated the field test 
results to determine the dynamic parameters of piles subjected to harmonic excitations 
and free vibrations. Filed test data were used to obtain theoretical solution for the 
dynamic stiffness and damping.  
 
2.6.2.2 Small scale model field test 
Field tests with model scale piles are less demanding than full scale tests. They are 
conducted on pile foundations that are small enough to be inexpensive, but large enough 
to be acceptably representative of real foundations. In addition, it is easier to control the 
test condition while still allowing for unobstructed propagation of elastic waves. Novak 
and Grigg (1976) conducted vertical and horizontal dynamic tests on small single and 
group of pile foundations installed in the field. The test data were utilized to examine the 
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theoretical approach proposed by Novak (1974). The comparison revealed that the theory 
predicted all the qualitative characteristics of the response very well. The response 
(resonant frequencies and amplitudes) was predicted reasonably well using an 
approximation to account for the reduction in the shear modulus of soil with decreasing 
depth and the separation of the pile from the soil in the region of tension. For small 
displacements and horizontal excitations, it was found that a suitable shear modulus 
could be derived from the static lateral test. Moreover, the examination of the theory 
showed that for vertical excitation, the pile toe should be considered as relaxed unless it 
rested on bedrock or the pile was extremely long. Also, Novak and Grigg (1976) 
suggested that a smaller reduction of the shear modulus in order to reach a reasonable 
prediction of the vertical response. 
El Sharnouby and Novak (1984) conducted a series of dynamic field tests with a 
group of 102 closely spaced piles. Forced oscillation in the vertical, horizontal and 
torsional modes were investigated. The primary goal was to study the dynamic behaviour 
of a large pile group vibrating with small amplitudes and to determine if the linear 
theories could predict the behaviour of the test pile foundation. Novak and El Sharnouby 
(1984) compared the test results with theoretical results for vertical and horizontal 
response on the basis of different methods accounting for the group effects or pile-soil-
pile interaction. The comparison with the test results indicated that dynamic analytical 
techniques were able to predict the main features of dynamic behaviour of pile groups for 
small strains and that the interaction effects were very significant. 
Han and Novak (1988) conducted dynamic tests with large scale model piles 
subjected to strong horizontal and vertical excitations in the field. The measured 
nonlinear response curves were compared with the theoretical curves calculated using 
continuum approach. The influence of exciting intensity, repeated loading and cap 
contact with soil on the dynamic behaviour of single pile was investigated. Burr et al. 
(1997) performed the dynamic tests on 13 model pile groups at two separate sites, one 
with soft soil and another with stiff soil. The pile spacing and pile diameter were varied 
in order to test the effects of the spacing to diameter ratio on the dynamic response of the 
pile groups. These dynamic test results of pile group were compared with simple linear 
elastic theories. 
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2.6.2.3 Small scale laboratory test 
The small scale laboratory tests are generally conducted with small model piles in test 
bins and tanks. The small scale laboratory tests are popular because they are inexpensive, 
easy to organize and independent of the weather. Gaul (1958) studied the lateral 
performance of vertical free-head piles embedded in weak marine foundation soil both 
analytically and experimentally, considering non-impact dynamic loading. 
Krishnamurthy et al. (1982) investigated the effect of skin friction pile groups on 
resonant frequency subjected to vertical vibration by conducting model tests on pile 
group in the laboratory. It was concluded from the investigation that the resonant 
frequency of vertical vibration of pile-soil system in dry sand could be changed 
substantially by varying the skin friction on the pile surface and the spacing of the piles in 
the group. Vijayvargiya and Dharmadhikari (1982) conducted model tests on different 
pile groups in cohesionless soil to investigate the effect of water table on dynamic 
response of pile groups. Effects of skin friction and pile spacing on the resonant 
frequency of a pile group were also investigated. It was concluded that the resonant 
frequency of the soil-pile system increased with the rise in water table. Ghumman (1985) 
conducted a series of model tests on penetrating testing of piles under vertical vibrations. 
The vertical vibrations were imparted to the pile by a counterbalanced mechanical 
oscillator. The observed behaviour highlighted the significant vibration-induced 
settlement of piles in sand. 
Boominathn and Ayothiraman (2005) investigated the dynamic behaviour of a 
single pile embedded in clay. Dynamic lateral load with different magnitudes was applied 
at the pile head using an electro exciter at wide range of frequencies. The flexural 
behaviour of the pile was analyzed using the recorded strain readings along its shaft.        
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CHAPTER THREE 
PILES DEVELOPMENT AND TESTING PROGRAM 
 
 
 
3.1 INTRODUCTION 
The field testing program was conducted at a farm located 7 miles north of the town of 
Ponoka, Alberta. The site soil profile is composed of stiff to very stiff clayey soil 
overlaying a thick glacial clay till layer with a silty sand layer located in between. Eight 
fully instrumented helical piles and two driven steel piles were installed to the designated 
depths. The pile load testing program included 176 dynamic loading tests and 14 static 
pile load tests. The dynamic tests included 66 vertical vibration tests, 106 horizontal 
vibration tests, and 4 free vibration tests. The static load tests included 8 axial 
compression tests and 6 lateral tests. This chapter describes the design, instrumentation, 
and construction of the test piles, pile load tests performed including the test layout, test 
setup system, and test procedures. 
 
 
3.2 PILES CHARACTERISTICS AND INSTALLATION 
The test piles included eight large-capacity helical piles and two driven steel pipe piles. 
The piles geometrical properties were suggested by the manufacturer as representative of 
typical helical piles geometry in projects that involve both compressive loading and 
dynamic loading. The test helical piles included four 6.0 m long and four 9.0 m long. For 
the same pile length, one pile was manufactured as single-helix pile and the other three 
piles were double-helix with different inter-helix spacing. The two driven piles had the 
same shaft diameter and wall thickness as the helical piles, with one pile of length 6.0 m 
and the other of length 9.0 m.  Table 3.1 provides the geometrical characteristics of the 
test piles and reaction piles required for static tests. Figures 3.1 to 3.4 present the 
geometry of the test helical piles.  
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Table 3.1. Test and reaction piles geometrical properties 
Pile Type 
Length 
(m) 
Shaft 
dia. 
(m) 
Wall 
thick. 
(mm) 
Helix 
dia. 
(m) 
No. of 
helices 
Inter-
helix 
spacing, 
S (m) 
H/D 
ratio 
S/D 
ratio 
SS1 6.0 0.324 9.5 0.61 1 - 8.95 - 
SD1 6.0 0.324 9.5 0.61 2 0.9 7.48 1.5 
SD2 6.0 0.324 9.5 0.61 2 1.8 6.01 3.5 
SD3 
Test pile 
(Helical) 
6.0 0.324 9.5 0.61 2 2.7 4.53 4.5 
LS1 9.0 0.324 9.5 0.61 1 - 13.88 - 
LD1 9.0 0.324 9.5 0.61 2 0.9 12.4 1.5 
LD2 9.0 0.324 9.5 0.61 2 1.8 10.92 3.0 
LD3 
Test pile 
(Helical) 
9.0 0.324 9.5 0.61 2 2.7 9.45 4.5 
R 
Reaction 
pile 6.0 0.324 9.5 0.686 2 2.06 7.96 3.0 
DS 6.0 0.324 9.5 - - - - - 
DL 
Test pile 
(Driven) 
9.0 0.324 9.5 - - - - - 
 
 
 The test piles consisted of a central steel shaft of outer diameter 324 mm and wall 
thickness 9.5 mm. The helix plate was 610 mm in diameter, helix pitch 152 mm, and 
thickness 19 mm. The helical and driven test piles were closed-ended using a flush 
closure steel plate 19 mm thick, which was welded to the pile inner wall. The helical piles 
were closed-ended to protect the instrumentations installed inside the test pile from 
damage during installation. The driven piles were closed-ended to maintain similar end 
condition as for the test helical piles. Table 3.1 also provides the embedment ratio (H/D) 
and inter-helix spacing ratio (S/D) of the test and reaction helical piles.  
For installation of helical piles, the leading edge on the helical plate was rounded 
back and sharpened to facilitate the installation of the pile with minimal soil disturbance, 
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while the pile toe was cut at 45o to aid in targeting the pile during installation. The 
installation of the helical piles began by attaching the helical pile head to the torque 
motor using a drive tool and drive pins. The torque motor was driven by a hydraulic 
machine. The capacity of the machine and torque motor was checked for the expected 
installation torque for different pile length. The pile was positioned and aligned at the 
assigned installation location. An axial compressive load was applied at the pile head to 
force the pile toe point into the ground, and then the vertical alignment of the pile was 
checked. The pile was advanced into the ground under both the applied torque and axial 
compressive load at the pile head. The alignment of the pile was checked continuously 
during installation and the rate of installation was kept as one helix pitch per one 
complete revolution. Special marks were added along the pile length every 152 mm (one 
helix pitch) to check the installation rate. Figure 3.5 illustrates the installation process of 
pile SD2. The two driven piles were installed using a mechanical drop hammer weighing 
50 kN as illustrated in Fig. 3.6.   
The pile shafts conform to the material and dimensional requirements of ASTM 
A252-98, Grade 2 steel. Based on the adopted shaft diameter and wall thickness, the 
maximum permissible torque was ≤ 122 kN.m (90,000 kip.ft). The tensile and yield 
strengths of pile material are 414 and 240 MPa, respectively. The helix plate was 
manufactured of hot rolled carbon structural steel conforming to the material and 
dimensional requirements of ASTM A36-01. The plate tensile and yield strength are 400 
to 500 and 250 MPa, respectively. 
 
 
3.3 PILES INSTRUMENTATION 
In order to evaluate the load transfer mechanism of the test helical piles under dynamic 
and static loading, they were instrumented with 7 to 12 levels of strain gauges depending 
on the pile length and number and spacing of helices. The strain gauges were installed 
inside the piles. For the 6.0 m piles, first level gauges were installed on the outer surface 
of the piles, while first, second, and third levels were installed on the outer surface in case 
of 9.0 m piles. The strain gauges were chosen of type Vishay (CAE-06-250UW-120) of 
resistance 120 Ω. Four half-Poisson’s bridge strain gauges were affixed equidistantly 
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along the circumference of the pile shaft or on the upper surface of each helix plate at 
each level of gauges. This configuration allowed capturing axial and bending strains in 
test piles based on the loading direction.  
Figure 3.7 illustrates the installation of strain gauges on the outer surface of the 
shaft. The wires were passed from outside to inside the pile through a small hole in the 
shaft wall. The strain gauges and wires were then coated with one layer of fibre cloth and 
two layers of LOCTITE E-50 GW epoxy. Similar procedures were assigned for strain 
gauges attached on the helix plate surface. In order to affix strain gauges on the inner 
surface of the pile shaft, the piles were cut into short segments. The gauges were installed 
at an approximate distance of 250 mm from the edge of each segment and then gauges 
and wires were covered with fibre cloth and epoxy to avoid separation of wires from the 
terminals of the strain gauges (Figure 3.8). The pile segments were welded together to 
form the test pile. During the welding process, strain gauges and wires were protected by 
fibreglass insulation to protect from the extreme heating during welding. Furthermore, 
water cooling was used for the sections being welded to minimize the induced welding 
heat. Figures 3.9 to 3.11 present the welding process of one of the test piles.     
A National Instruments data acquisition system, Model SCXI-1520, was utilized 
to control the real time collection of data and retrieve the stored data. The data acquisition 
has been programmed to have 48 data channels for strain gauges, 1 channel for load cell, 
4 channels for linear displacement transducers (LDT), and 12 channels for digital 
transducers like accelerometers used for dynamic testing. Figure 3.12 shows the data 
acquisition system used.     
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Figure 3.1. Dimensions of piles; a) SS1; b) LS1 
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Figure 3.2. Dimensions of piles; a) SD1; b) LD1 
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Figure 3.3. Dimensions of piles; a) SD2; b) LD2 
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Figure 3.4. Dimensions of piles; a) SD3; b) LD3 
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Figure 3.5. Installation process of pile SD2     Figure 3.6. Installation process of driven   
                                                                           piles 
 
 
 
 
     
 
Figure 3.7. Strain gauges installation and protection on pile shaft outer surface 
 
 
a b 
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Figure 3.8. Strain gauges installation and protection on pile shaft inner surface 
 
 
 
 
 
 
 
 
 
Figure 3.9. Wires protected by fibreglass insulation 
 
 
a b 
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Figure 3.10. Pile assembly at manufacturer’s machine shop 
 
 
 
 
 
 
 
 
Figure 3.11. Pile after assembly 
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Figure 3.12. Data acquisition system 
 
 
3.4 TEST SITE LAYOUT        
The test site was organized in such a layout in order to minimize the number of the 
required reaction piles for the static load tests. The layout was also designed to comply 
with the specifications of the ASTM standards (ASTM D1143-07 and D3966-07). 
Furthermore, the assigned layout would facilitate the process of constructing the 
successive dynamic and static test setups with minimal effort and machine and man 
power. Figure 3.13 and Table 3.2 present the plan for the test site, indicating the locations 
of the dynamic and static tests, test piles, and reaction piles. It is worth noting that pile 
LD2 was reinstalled in the current location on the East side of pile LD3 because of some 
installation problems in the proposed location on the West side of pile LD3. The reaction 
system consisted of 12 reaction piles, 10 of them were installed at locations R1 through 
R10 for testing piles SS11, SD11, SD21, and SD31. The reaction piles R1 through R10 
were reinstalled in locations R11 through R15, with two additional piles installed at 
locations R16 and R17 for testing piles LS12, LD12, LD22, and LD32. After conducting 
the static load tests on the test helical piles, the two reaction piles R6 and R7 were re-
installed at locations R18 and R19 to perform the axial compression tests on the driven 
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piles DS1 and DL1. Due to time limitations, piles LD22 and LD32 were not tested under 
axial compression and lateral static loading.  
 
 
3.5 DYNAMIC TESTS 
To the author’s knowledge, this is the first experimental study of the dynamic behaviour 
of helical piles. Three types of dynamic tests were conducted on the installed helical and 
driven piles: vertical vibration test, horizontal vibration test, and free vibration test 
(plucking test). The vertical and horizontal vibration tests were forced quadratic harmonic 
loading tests conducted using a Lazan-type mechanical oscillator. The oscillator was used 
to generate frequency sweep loadings from frequencies below to frequencies above the 
resonant frequency of the pile-soil-cap system at five excitation intensities for each 
loading direction. As they are considered small strain tests, the vertical and horizontal 
vibration tests were executed first followed by the free vibration tests and then the static 
axial compression and lateral tests.  
The complete test setup and test procedures are described in Chapter 5 to provide 
the basis for future dynamic testing performed on piles. It is worth mentioning that, until 
this point, there was no standardized test setup or test procedure for the harmonic loading 
of piles. 
 
 
3.6 STATIC TESTS 
Two types of static tests were conducted on the test piles: axial compression and lateral 
load tests. The following sections present the adopted test setups and procedures. 
 
3.6.1 Loading System  
In order to ensure an adequate capacity for the loading system, two hydraulic jacks of 
capacity 1800 kN each and a load cell of capacity 4500 kN were utilized. Both the load 
cell and the hydraulic jacks were calibrated. The load cell manufacturer’s calibration 
chart is given in Fig. 3.14. The hydraulic jack was calibrated by both the manufacturer 
and the author. An automatic hydraulic pump was used to supply fluid pressure in the 
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jack and the axial compressive load applied to the pile was measured using the load cell 
and the pressure gauge readings on the hydraulic pump were recorded. Two types of 
reaction beams, with sufficient size and strength to prevent deflection under the 
maximum load, were used. 
 
3.6.2 Displacement Measurements 
The measurement of the vertical pile movement under compression load was undertaken 
using four well-calibrated linear displacement transducers (LDT) with accuracy of 0.01 
mm and maximum mechanical travel of 100 mm. The transducers were mounted on two 
102 mm box section steel reference beams in the form that the transducers’ stems bear on 
the test pile cap at axisymmetric points equidistant from the centre of the test pile. The 
lateral movement of the test pile were monitored during the axial compression test using 
two dial gauges of accuracy 0.25 mm, while the two gauges were oriented in orthogonal 
directions mounted with their stems perpendicular to the longitudinal axis of the test pile 
(see Fig. 3.15). The reference beams were independently supported with sand bags 
located far enough from the test and reaction piles. 
 For the lateral load test, the pile head movement was measured using three LDTs 
mounted on a 102 mm box section reference beam oriented perpendicular to the line of 
load application and supported on sand bags situated far enough from the test pile. The 
LDTs were measuring the lateral movement along the line of load application at 300 mm 
above the ground surface. The rotational movement of the head of the test pile was 
obtained by measuring the lateral movement of the pile head using one LDT mounted on 
the reference beam with its stem bearing against the pile at 300 mm vertically above the 
other three LDTs (see Fig. 3.16). 
 
3.6.3 Axial Compression Test Reaction System 
The reaction system for helical pile load testing was composed of four reaction helical 
piles each of shaft diameter 324 mm, length 6.0 m, helix diameter 685 mm, and inter-
helix spacing 3 times helix diameter. Two piles were located on each end of the main 
long reaction beam. The reaction piles had at least 4.5 times the capacity of the 6.0 m test 
piles and at least 1.6 times the capacity of the 9.0 m test piles. On the other hand, the 
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reaction system for testing the driven piles was composed of two helical piles each of 
similar geometrical configurations as those used to test helical piles. The reaction piles 
had at least 2.4 times the capacity of the driven piles. 
 During the axial compression test, the test load was transferred to the reaction 
piles using high strength threaded steel bars with 38 mm diameter and 1.22 m length. The 
bars were connected to the reaction piles through the pile testing cap connected to 
reaction piles through steel pins (Figs. 3.17 and 3.18). In case of helical piles (Fig. 3.17), 
the other ends of the bars were connected to the secondary reaction beams using retaining 
nuts and retaining nut washers (155x155x15 mm). The main reaction beam was placed on 
top of the two secondary beams and centred over the test pile. The main beam was 
connected to the secondary beams at each end through high strength threaded steel bars 
with 38 mm diameter and 1.83 m length, retaining nuts, and retaining nut washers 
(305x305x25 mm). For driven piles (Fig. 3.18), the threaded bars ends connected to the 
reaction piles were connected at the other end to the main reaction beam using retaining 
nuts and retaining nut washers (155x155x15 mm). 
 The head of test pile was levelled to allow the bearing plate to be perpendicular to 
the long axis of the pile. A 700x460x40 mm steel cap plate was centered and welded to 
the pile head. Another rounded plate of diameter 710 mm and thickness 25 mm was 
welded on top of the cap plate for the purpose of conducting dynamic tests. A steel cap of 
thickness 140 mm was placed on top of the rounded plate (Fig. 3.19). The hydraulic jack 
was placed on top of the steel cap and the load cell was situated between the jack and the 
main reaction beam using steel plates (305x305x25 mm) in between. Figures 3.20 and 
3.21 present schematic layouts of the compression test setups for the helical piles and 
driven piles, respectively.  
 
3.6.4 Lateral load Test Reaction System 
The lateral load was delivered to the test pile using a hydraulic jack that was pushing 
against a reaction pile (Fig. 3.22). The load cell, hydraulic jack, and the pipe spacer were 
aligned along an I-beam in order to minimize eccentric loading and restrain them from 
shifting as test loads were applied. In addition, a steel chain was used to firmly attach the 
testing equipments to the I-beam during the test. Solid steel test plates were installed 
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against the sides of both the test and reaction piles at the points of load application and 
perpendicular to the line of the load action. The a steel rod (25 mm in diameter) was 
welded to the test plate, perpendicular to the pile axis at the point of load application (Fig. 
3.23). A schematic of the lateral load test setup is presented in Fig. 3.24. 
 
3.6.5 Pile Load Test 
The axial compression load test was carried out following the quick maintained load test 
method recommended by ASTM D1143-07. Each pile was loaded in increments of 10 to 
15% of the anticipated design load. Each increment was maintained for a period of 5 min 
with readings recorded by the data acquisition system every 1.0 sec. The load increments 
were applied until continuous jacking was required to maintain the test load. This point of 
load level was considered as failure of the test pile. The pile was then unloaded by 
removing the test load in four equal decrements, while keeping the load constant for a 
time interval between 2.5 to 5 min. All tests were carried out up to a pile head settlement 
of approximately 60 mm, which corresponded to settlement of 10% helix diameter.  
 The lateral load test was conducted using the quick maintained load test procedure 
(ASTM D3966-07). The load was applied in increments of approximately 10 to 15 kN, 
while keeping the load constant for a period of 5 min. Each load was carried out up to 
lateral movement between 40 and 50 mm (between 12.5 and 15.5% of shaft diameter).     
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Figure 3.13. Site layout 
 
Table 3.2. Conducted dynamic and static tests 
Pile code based 
on test time a 
Number of conducted dynamic 
tests 
Number of conducted 
static tests 
Pile 
No. 
2  
Weeks 
9 
months 
Vertical 
vibration 
(VV) 
Horizontal 
vibration 
(HV) 
Free 
vibration 
(FV) 
Axial 
compression 
(C) 
Lateral 
(L) 
SS1 SS11  1 2 - 1 1 
SD1 SD11  1 2 - 1 1 
SD2 SD21  1 2 1 1 1 
SD3 SD31  1 2 - 1 1 
LS1 LS11  1 1 - - - 
  LS12 1 2 - 1 1 
LD1 LD11  1 1 - - - 
  LD12 1 2 1 1 1 
LD2 LD21  1 1 - - - 
  LD22 1 2 1 - - 
LD3 LD31  1 1 - - - 
 
 LD32 1 2 1 - - 
DS DS1  1 1 1 1 - 
DL DL1  1 1 1 1 - 
a
 Number 1 at the end of pile code indicates piles tested two weeks after installation and number 
2 indicates piles tested 9 months after installation. 
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Figure 3.14. Load cell calibration chart 
 
 
 
 
Figure 3.15. Setup for linear displacement transducers, dial gauges, and reference beams 
for axial compression test 
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Figure 3.16. Setup for linear displacement transducers and reference beam for lateral test 
 
 
 
 
 
Figure 3.17. Compression test setup for helical piles 
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Figure 3.18. Compression test setup for driven piles 
 
 
 
 
 
Figure 3.19. Load a test pile during a compression test
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Figure 3.20. A schematic layout of the axial compression test of helical piles 
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Figure 3.21. A schematic layout of the axial compression test of driven piles 
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Figure 3.22. Lateral load test setup 
 
 
 
 
 
 
 
Figure 3.23. Lateral load test connection at the test pile 
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Figure 3.24. A schematic layout of the Lateral load test 
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CHAPTER FOUR 
TEST SITE INVESTIGATION 
 
 
 
4.1 SITE LOCATION AND SURFICIAL GEOLOGY 
The test site is located in Ponoka County, 7.0 miles north of the town of Ponoka and near 
the town of Hobbema in the Central Alberta region between Highways 2 and 2A. The site 
is close to Range Road 254 and Township Road 440 at about 4.0 km west of the Battle 
River (Fig. 4.1). Based on the available geological information, most of Alberta soil is 
composed of Pleistocene depositions, which by definition cover most of the latest period 
of repeated glaciation. The surficial deposits in the test site zone consist of Pleistocene 
Stagnation Moraine glacial till depositions (Shetsen, 1990). The glacial till consists of 
unsorted mixture of clay, silt, sand, and gravel, with thickness less than 25 m on uplands 
and as much as 100 m in case of buried valleys or undulating or hummocky topography. 
According to Shetsen (1990), the test site lays in the zone of undulating topography.       
 
 
4.2 SUBSURFACE INVESTIGATION PROGRAM 
A site characterisation program was carried out at the pile test site prior to installing the 
test and reaction piles. The locations of the various test holes are indicated on the site 
plan in Fig. 3.13. The program included: 
 
• One mechanical borehole (BH-1) to a depth of 10 m. The augering process consisted 
of three successive processes: hollow-stem continuous augering, standard penetration 
test (SPT), and Shelby tube sampling, which were carried out respectively with 
interval of 2.5 ft (0.76 m), (ASTM D1586-08a). Figure 4.2 depicts the drill rig used 
for soil sampling and SPT tests. 
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• Laboratory testing on disturbed and undisturbed soil samples in order to determine 
the natural moisture content, Atterberg limits, grain-size distribution and strength and 
stiffness parameters.  
• Seismic cone penetration tests (SCPT) at three different locations (SCPT1, SCPT2, 
and SCPT3) to a depth of 15 m as illustrated in Fig. 3.13. The SCPT test combines 
the seismic downhole method and the logging capabilities of the cone penetration test 
(CPT). Figure 4.3 shows the cone truck used to perform the SCPT tests. 
 
4.2.1 Cone Penetration Testing Apparatus and Procedures 
The cone penetration tests were carried out at the test site using a 30 ton cone truck 
operated by ConeTec, with 10 cm2 projected cone area and pore pressure element at the 
u2 location (on shaft immediately behind the cone). The cone tip had a 60o apex angle 
with 0.8 net area ratio and a standard friction sleeve with surface area of 150 cm2 with 
equal end areas. The pore pressure element (filter) was a porous polypropylene filter 
saturated with glycerine, which has the advantage of being miscible with water.  The 
ConeTec system was set to average readings every 0.2 m intervals with a rate of 
penetration of 2 cm/s. Upon stopping cone penetration, recording of pore pressure 
dissipation started automatically and immediately. A total of seven dissipation tests were 
performed; two tests in location SCPT-1, four tests in location SCPT-2, and one test in 
location SCPT-3. Figure 4.4 shows the seismic cone used for site investigation. The CPT 
tests were conducted following the procedure outlined in ASTM D3441-05. 
 In the seismic tests, the small-strain shear wave and compression wave velocities, 
Vs and Vp, respectively, were measured using an energy source consisted of a steel I-beam 
pressed against the ground by the weight of the cone truck. Thus, it is presumed that there 
was an intimate contact between the ground surface and the source of the shear and 
compression waves. Therefore, clear and repeatable waves were generated. The waves 
were generated using a hammer which hit against the I-beam located at a distance of 0.68 
m from the cone rod. The vertically propagating horizontal shear waves and compression 
waves were recorded with a triaxial geophone. Figure 4.5 depicts the shear and 
compression waves energy source. 
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 The seismic tests were carried out at 1.0 m intervals of depth. During the pause in 
penetration, shear waves and then compression waves were generated at the ground 
surface and the time required for each type of waves to reach the geophone was recorded. 
The shear waves were generated by hammering the opposite ends of the I-beam 
horizontally in the direction of the long axis. Such process, therefore, generated shear 
waves with opposite polarities. On the other hand, the compression waves were generated 
by hammering one beam end vertically using the same hammer. Figure 4.6 illustrates the 
processes of generating shear and compression waves.   
 
 
 
 
 
 
Figure 4.1. Location of the test site 
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Figure 4.2. Drill rig used for soil sampling and SPT tests 
 
 
 
 
Figure 4.3. Cone truck used to perform SCPT tests 
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Figure 4.4. Seismic CPT cone  
 
 
 
 
 
 
 
 
Figure 4.5. Shear and compression waves source 
 
 
a b 
Cone rod 
I-Beam (wave source) 
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Figure 4.6. a) shear wave generation; b) compression wave generation 
 
 
 4.3 SUMMARY OF SUBSURFACE CONDITIONS 
 
4.3.1 Stratigraphy 
One of the applications of the Cone Penetration Tests (CPT) and Mechanical Boreholes is 
to provide an estimate of the subsurface soil stratigraphy at the test site. Figures 4.7 and 
4.8 illustrate the soil stratigraphy represented along cross sections pass through the 
centrelines of the 6.0 m and 9.0 m test helical piles (see Fig. 3.13). The test site consists 
of a 1.0 to 1.5 m thick silty to sandy silt surficial layer with some organic materials. The 
silt layer appeared to be affected by desiccation. It is underlain by a 2.8 to 3.1 m stiff 
layer of brownish clay to silty clay and clayey silt, interbedded with seams of silt. It is 
followed by interbedded layers of very stiff grey silty clay, clayey silt, and clay of 
thickness between 0.6 and 1.3 m. It is underlain by a silty sand/sand to sandy silt layer of 
thickness that increases from 0.3 to 1.5 m towards the western side of the test area. 
Underneath it, there is a 7.2 m thick layer of very stiff to hard grey clay till with 
interbedded silty sand layers overlays interbedded layers of sandy silt, silt, clayey silt, 
and silty clay. The interbedded silty sand layers occurred in clay till were observed 
through the borehole at depth of approximately 8.0 m. 
 
a b 
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4.3.2 Cone Penetration Profiles 
Typical summary profiles of the corrected cone tip resistance, qt, sleeve friction, fs, 
friction ratio, Rf, and pore pressure, u2, are plotted in Figs. 4.9 to 4.11. Soil classification 
charts have been developed to classify soil type based on the results of the CPT tests 
(Robertson et al., 1986; Robertson, 1990). The soil behaviour type chart proposed by 
Robertson et al. (1986) was adopted for soil classification of the test site besides the aid 
of the extracted disturbed and undisturbed soil samples from the borehole. Robertson et 
al. (1986) proposed a chart based on the friction ratio and the corrected cone tip 
resistance. The chart is divided into 12 zones to define different soil behaviour types. 
Figure 4.12 provides the results of the three soundings of CPT on the soil behaviour 
chart. The estimated soil unit weights shown in Figs 4.7 and 4.8 were obtained using the 
soil classification chart and the reference table given by Lunne et al. (1997). In addition, 
Fig. 4.13 depicts the results of the CPT tests on the soil classification chart proposed by 
Robertson (1990), which provides nine zones to define soil behaviour types.  Robertson 
(1990) developed his chart using the normalized cone resistance, Qt, and the normalized 
friction ratio, Fr, defined as per the following:  
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It can be seen from Fig. 4.12 that the site soil mostly falls in zones 3 and 4, which 
is clay and silty clay to clay soil. Based on Robertson (1990) chart (Figure 4.13), the site 
soil falls in zones 3 and 4, which is moderately to heavily overconsolidated mixture of 
clay to silty clay and clayey silt to silty clay soils.  
 By inspecting Figs. 4.9 to 4.11, the water level is approximately established at 1.2 
m below ground surface. It is obvious that along the first 1.2 m there is a distinctive peak 
in qt with corresponding low values of fs and Rf, which represented the soil crust. The low 
fs and Rf are an indication of the coarse nature of the crust which is mainly formed of silt. 
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Between -1.0 m and about -4.5 m elevation, the cone tip resistance is relatively uniform 
with a clear peak in fs and Rf between about -1.0 m and -2.0 m elevation, which is an 
indication of the higher clay content. Between about -3.7 m and -5.3 m elevation in Figs 
4.9 and 4.11 for SCPT1 and SCPT3, there is an increase in the tip resistance which is 
ascribed to the stiffer consistency of the silty clay and clay. This observation is not clear 
in location SCPT2 as the thickness of the very stiff silty clay layer is smaller. For 
locations SCPT1 and SCPT3, there is a clear peak in the cone resistance and frictional 
resistance between about -5.3 m and -6.2 m elevation as a result of the existing 
interbedded layers of silty sand, sandy silt, and silt. At SCPT2 the peaks representing the 
sand layer cover larger depth that extends from -4.6 m to -6.1 m elevation. The sand layer 
is underlain by a uniform cone resistance down to about -13.0 m elevation, which 
represents the layer of clay till with large frictional resistance that may be indicative of 
higher lateral resistance. Between elevations -6.5 m and -9.5 m, the CPT results at 
location SCPT1 demonstrate softer response when compared to SCPT2 and SCPT3. 
Below about -13.0 m elevation, there are peaks in the cone resistance with lower 
frictional ratio as a result of the existing interbedded layers of sandy silt, silt, clayey silt, 
and silty clay.  
 
4.3.3 Index Properties 
The moisture content and the Atterberg limits of the soil specimens obtained from 
disturbed and Shelby tube samples at the location of the borehole BH1are shown in Fig. 
4.14. The silt/sandy silt crust (see Figs. 4.7 and 4.8) had an average moisture content of 
16%. The upper clayey and silty soil (layers 2 and 3 in Figs. 4.7 and 4.8) had an average 
moisture content of 17.3%, average liquid limit, WLL, of 34.6% +/-5%, and an average 
plasticity index, Ip, of 15.7% +/-2%, which represents soil of medium plasticity. The clay 
till (Layer 5) had higher plasticity as shown in Fig. 4.14, with an average WLL and Ip of 
42.2% +/-5% and 23.5% +/-2.5%, respectively. Below elevation -8.5 m, the only results 
obtained from a disturbed sample at approximately -9.8 m elevation showed lower 
plasticity characteristics with WLL and Ip of 31.5 and 11.9%, respectively. This may be 
attributed to the existing interbedded layers of clayey silt and silty clay soil. The moisture 
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content and Atterberg limits were obtained according to ASTM D2216-05 and D4318-10, 
respectively. 
The moisture content of the clayey and silty soils was generally close to the 
plastic limit, WPL, with liquidity indices, IL, typically varied between 1 and 20%. From 
the measured plasticity indices and liquid limits, the resulting positions of the tested 
samples relative to the A-Line in the plasticity chart are illustrated in Fig. 4.14. All of the 
tested samples are plotted above the A-Line, indicating the deposit was comprised mainly 
of silty clay to clay, with some samples plotted very close to the A-Line showing 
increased silt content.  
The results of the particle size analysis by sieve and hydrometer analyses (ASTM 
D422-63) are depicted in Figs. 4.15 and 4.16. The hydrometer analysis of samples 
approximately located at elevations -5.5 m and -6.8 m (Fig. 4.15) shows higher silt 
content, which means that soil near the silty sand layer tended to be clayey silt. This 
agrees well with the soil classification based on the CPT results. Figure 4.16 provides the 
sieve and hydrometer analyses of the silty sand sample taken at elevation -6.0 m. The soil 
consists of about 63.2% medium to fine sand, 22.3% silt, 12.6% clay, and 1.9% gravel. 
The obtained distribution of specific gravity, Gs, of the site soils using the ASTM D854-
10 procedure is provided in Fig. 4.14. The void ratio was calculated using the laboratory 
obtained Gs and the unit weight values provided in Figs. 4.7 and 4.8. The average void 
ratio was 1.03 for the clayey silt and silty clay above the silty sand layer, 0.83 for the silty 
sand layer, and 1.15 for the clayey silt, silty clay, and clay soil located underneath the 
silty sand layer.  
Many theoretical and empirical correlations have been developed to relate the 
sand relative density, Dr, to the cone tip resistance. Baldi et al. (1986) proposed a 
correlation between relative density and the uncorrected cone resistance, qc, based on 
calibration chamber testing carried out on Ticino sand, which is a clean, uniform silica 
sand with subangular grains and moderate compressibility. Figure 4.17 shows the 
computed relative density of the site silty sand using the chart provided by Baldi et al. 
(1986) for the normally consolidated, uncemented, and unaged silica sand. The Dr values 
reasonably range between 84 and 93% with an average of 89%. Schmertmann (1991) 
demonstrated that relative density depends on the ageing of sand, which increases the 
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cone resistance and can cause an overestimation in Dr in case of using the charts for 
unaged sands. Thus, the chart provided by Baldi et al. (1986) should be used as guide for 
obtaining the relative density of the site sand. Jamiolkowski et al. (2001) proposed a 
correlation to compute the relative density of medium compressible sand based on large 
calibration chamber testing data that incorporated correction factors for the effect of 
boundary conditions. The correlation is in term of the normalized cone tip resistance: 
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where, σatm is the atmospheric pressure (100 kPa). The Jamiolkowski et al. (2001) 
correlation gave Dr that ranges between 68 and 79% with an average of 74%. This 
relatively wide range of the estimated Dr reflects the effect of the varying content of silt 
particles.   
 The distribution of the standard penetration test N values/0.3m obtained from the 
SPT tests executed at the location of the borehole, BH1, and the corrected N values for 
the rod energy, N(60), estimated from the cone resistance based on correlation provided by 
Robertson and Campanella (1983) and Lunne et al. (1997) are shown in Fig. 4.18. Lunne 
et al. (1997) proposed a correlation between CPT cone resistance, qc, SPT N(60), and the 
soil behaviour type index, Ic, used by Robertson (1990), as shown in Eqs. 4.4 and 4.5. 
This type of correlations is believed to provide a favourable estimate of SPT N(60) values 
than the actual SPT test because of the poor repeatability of the SPT (Lunne et al., 1997). 
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In Fig. 4.18, the distribution of the N values and the corrected N values for the 
effect of the overburden pressure, N1(60), are plotted. A correction factor of 0.92 was 
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assumed for the rod energy effect based on the recommended ranges given in the 
Canadian Foundation Engineering Manual, CFEM (2006). The correction of N(60) for the 
effect of overburden pressure was conducted using the overburden correction factor, CN, 
(CFEM, 2006).  
 
                                                                            ( ) ( )NC.C.C.CN DSRE=60                                                              (4.6) 
 
                                                                                





′
=
vo
N log.C σ
1920770 10                                             (4.7) 
 
                                                                                     ( ) ( ) NCNN 60601 =                                                  (4.8) 
 
where: EC  = rod energy correction factor = 0.92 
 RC  = rod length correction factor = 1.0 
 SC  = liner correction factor = 1.0 
 DC  = borehole diameter correction factor = 1.0 
      
 Figure 4.18 illustrates the favourable agreement between the measured and 
estimated N values. It is worth noting that all measured N values were in the silty clay, 
clayey silt, clay, and silt soils. The only N values available for the silty sand soil were 
those estimated from correlations with the cone resistance. For further quantification and 
qualification of the Dr of the silty sand layer, the chart provided by Gibbs and Holtz 
(1975) was utilized. It provides correlation between the N values and the effective 
overburden pressure to obtain the relative density. Accordingly, the estimated Dr ranges 
between 90 and 100%, which agrees with the correlations provided by Bowles (1988) and 
CFEM (2006). Consequently, the estimation of Dr based on the cone resistance and SPT 
N values indicated that Dr reasonably ranges between 80 and 95%, which classifies the 
silty sand layer as dense to very dense.     
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Figure 4.7. Soil stratigraphy-cross section along the centreline of the 6.0 m piles 
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Figure 4.8. Soil stratigraphy-cross section along the centreline of the 9.0 m piles  
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Figure 4.9. Cone penetration profile for SCPT1 
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Figure 4.10. Cone penetration profile for SCPT2 
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Figure 4.11. Cone penetration profile for SCPT3
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Figure 4.12. Soil classification results based on Robertson et al. (1986): a) SCPT1;        
b) SCPT2; c) SCPT3  
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Figure 4.13. Soil classification results based on Robertson (1990): a) SCPT1;                 
b) SCPT2; c) SCPT3  
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Figure 4.14. Index properties
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Figure 4.15. Grain size distribution for the clayey silt soil 
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Figure 4.16. Grain size distribution for the silty sand soil 
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Figure 4.17. Relative density for silty sand based on Baldi et al. (1986)
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Figure 4.18. Profiles of the measured and estimated SPT N values
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4.3.4 Shear Strength Parameters and Stress History 
For geotechnical applications that involve rapid loading of clays and clayey silts, the 
undrained shear strength of cohesive soils, Cu, is commonly utilized. The undrained shear 
strength depends on many factors such as direction of loading, strain rate, boundary 
conditions, stress level, sample disturbance, etc. Lunne et al. (1997) reported that Cu 
could be computed from the cone tip resistance, qc, through the following equation: 
 
   
                                                                                   
k
voc
u N
qC σ−=                                                      (4.4) 
    
where, σvo is the total overburden pressure and Nk is the cone factor. Kjekstad et al. 
(1978) stated that an average Nk value of 17 was obtained for the non-fissured 
overconsolidated clays based on the results of triaxial compression tests. Lunne and 
Kleven (1981) showed that Nk for normally consolidated marine clays varied between 11 
and 19 with an average of 15 based on the results of field vane shear tests.  Figure 4.19a 
shows the distribution of Cu with depth for the three SCPT soundings using Nk = 15. It is 
obvious that Cu estimated from SCPT2 response shows stiffer behaviour than those 
estimated at SCPT1 and SCPT3.  
 Figure 4.19b presents the continuous Cu profile using the design charts proposed 
by Marsland and Powell (1988) and Powell and Quarterman (1988). The charts provide 
an estimate for the cone factor, Nkt, defined as (qt-σvo)/Cu, as function of the clay fabric 
and the net cone resistance, qt-σvo. The distribution of Cu gives larger values than the 
distribution in Fig. 4.19a along the clayey soils in the upper 4.0 m and smaller values for 
clayey soils underneath. This is attributed to the varied estimated cone factor, Nkt, with 
depth. The Nkt ranges between 11 and 12 along the upper 4.0 m and between 15 and 20 
underneath that level.  
It is worth noting that using Nkt proposed by Marsland and Powell (1988) and 
Powell and Quarterman (1988) narrowed down the variations between the Cu 
distributions at the SCPT locations when compared to the Cu distributions developed 
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using a constant Nk = 15, which proposed by Lunne and Kleven (1981). The gaps in the 
curves of Fig 4.19 represent the silty sand and silt layers. 
  Even though the SPT was originally developed for coarse-grained soils, it has 
been applied to fine-grained soils to estimate the undrained shear strength, Cu.  Different 
correlations between the SPT N or N(60) and the soil Cu were developed by many 
researchers (Terzaghi and Peck, 1967; Sowers, 1979; Kulhawy and Mayne, 1990; 
Sivrikaya and Togrol, 2006). Three correlations were adopted for estimating the 
distribution of Cu from the N and N(60) values obtained from the CPT results and from the 
field SPT test: 
 
Terzaghi and Peck (1967)                    N.Cu 256=                                                       (4.9) 
 
Sivrikaya and Togrol (2006)                N.Cu 754=                                                     (4.10) 
 
Sivrikaya and Togrol (2006)              ( )60906 N.Cu =                                                  (4.11) 
 
 Figure 4.20 shows the estimated distribution of Cu with depth. It is obvious that 
correlations proposed by Terzaghi and Peck (1967), using N values, and Sivrikaya and 
Togrol (2006), using N(60) values, give similar Cu for the site soils, while the other 
correlation by Sivrikaya and Togrol (2006), using N values, gives lower Cu. Accordingly, 
the Cu values estimated using Eq. 4.10, would be excluded. Moreover, there is a 
favourable agreement between the Cu estimated from N values, obtained from the field 
SPT test and the CPT correlations. The only exception to this appears in the case of 
SCPT1, between elevation -7.0 m and -10.0 m, Fig. 4.20a. This may be attributed to the 
softer response that was illustrated in the cone resistance at location SCPT1 between the 
aforementioned elevations.  
Unconsolidated-Undrained (UU) laboratory triaxial tests were conducted, 
according to ASTM D2850-03a, on clay samples extracted from Shelby tubes obtained 
from the borehole BH1 at elevations -4.7 m and -6.5 m. The measured undrained shear 
strength, Cu, are plotted in Figs. 4.19 and 4.20. At elevation -4.7 m, the laboratory 
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obtained Cu was 50 kPa, which is slightly lower than all previously estimated Cu values. 
This discrepancy becomes significant at elevation -6.5 m as the laboratory obtained Cu, 
33 kPa, is significantly lower than all estimated Cu for the clay till layer. This emphasises 
the structured nature of the site clayey soils . These soils exhibit degradation in strength 
and stiffness when the natural microstructure is disturbed. Consequently, it is believed 
that the soil was subjected to disturbance during sampling process, which partially 
destructed the microstructure. In addition, the soil samples at elevation -6.5 m were 
located at the boundary zone between the silty sand layer and clay till. Accordingly, the 
laboratory obtained Cu at elevation -6.5 m was excluded from computing the average Cu. 
 
 
Table 4.1. Undrained shear strength of clay 
Estimated Cu (kPa) 
CPT results SPT results 
Layer Type 
1a 2b 1c 2d 
UU 
triaxial 
Cu 
(kPa) 
Consistency 
2 
Clay to 
silty clay 
and clayey 
silt 
77 96 84 86 50 85 Stiff 
3 
Silty clay, 
clayey silt 
and clay 
150 136 130 131  137 Very stiff 
5 Clay till 179 150 187 190  177 Very stiff to hard 
6 
Sandy silt, 
silt, clayey 
silt and 
silty clay 
172 148 135 136  150 Very stiff 
a
 Cu estimated from CPT results using Nk=15 recommended by Lunne and Kleven (1981). 
b
 Cu estimated using Marsland and Powell (1988) and Powell and Quarterman (1988) approach. 
C
 Cu estimated using Terzaghi and Peck (1967) correlation. 
d
 Cu estimated using Sivrikaya and Togrol (2006) correlation with SPT N(60). 
 
 Based on layers distribution illustrated in Figs. 4.7 and 4.8, the average Cu was 
calculated for each clay layer depending on the estimated and measured Cu values 
previously given in Figs. 4.19 and 4.20. The average value of Cu and the consistency of 
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each clay layer are provided in Table 4.1. The classification based on clay consistency 
was obtained according to Terzaghi and Peck (1967).   
Knowledge of the overconsolidation ratio, OCR, defined as the ratio of the 
preconsolidation pressure, σ'p, to the in-situ effective vertical stress, σ'vo, through out the 
depth of interest is important for better understanding the characteristics of the site soil. 
For clayey soils, the ratio of the in-situ strength ratio, Cu/σ'vo, to the corresponding ratio 
in a normally consolidated state, (Cu/σ'vo)NC, is an indicator of the overconsolidation in 
the site clays. Schmertmann (1978) indicated that an average value of 0.33 could be 
assumed for most of the normally consolidated post-pleistocene clay, which represents 
the most of Alberta clay. Figure 4.21a provides the average Cu distribution for each SCPT 
location and Fig. 4.21b plots the in-situ strength ratio, which emphasises that the site 
clayey soil is overconsolidated. The strength ratio is almost constant along the first 8.0 m 
with an average of 2.5 and decreases with depth until reaching the end of the cone 
penetration soundings.   
 The estimate of OCR was made with four methods, which are described below. 
One method depends on the relation between OCR and Cu/σ'vo, two methods depend on 
the difference between cone resistance and pore pressure, qt-u2, and one method depends 
on the correlation between OCR and net cone resistance, qt-σvo. The adopted methods 
are: 
 
1. Schmertmann (1978) method, which depends on strength ratio, with (Cu/σ'vo)NC=0.33: 
 
                                                                 
( ) ( )[ ]bNCvouvou /C//COCR σσ ′′=                                  (4.12) 
 
                                                
( ) ( )[ ]NCvouvou /C//C..b σσ ′′+= 040131                              (4.13) 
 
2. Robertson (1990) method, which depends on the net cone resistance: 
                                                         
                                                                  ( )[ ]vovot /q.kOCR σσ ′−=                                          (4.14) 
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where k is a factor that varies between 0.2 and 0.4. Values of k = 0.3 and 0.4 were 
adopted for the clayey soil above and below the silty sand layer, respectively. 
 
3. Mayne (2007) method, which depends on the net cone resistance based on results 
from Mayne et al. (1995) and Demers and Leroueil (2002): 
 
                                                               ( ) vovot /q.OCR σσ ′−= 330                                         (4.15) 
 
4. Chen and Mayne (1994), which depends on the difference between cone resistance 
and pore pressure: 
 
                                                                  ( ) vot /uq.OCR σ ′−= 250                                           (4.16) 
 
Profiles of OCR, for each SCPT location, were generated using the four methods 
described above, as shown in Fig. 4.22. It is obvious that the four methods give close 
estimates of OCR along the entire depth of the cone penetration soundings. The method 
proposed by Mayne (2007) gives the lower bound estimates of OCR, while the method 
proposed by Chen and Mayne (1994) gives the higher bound estimates. In order not to 
overestimate OCR for the clayey soil above the silty sand layer, OCR was averaged 
based on results of the methods of Robertson (1990) and Mayne (2007). Between 
elevation of about -1.5 m and -3.5 m, the soil appears to be moderately overconsolidated 
with OCR of 10. Between about -3.5 m and -5.0 m above the silty sand layer, the soil is 
heavily overconsolidated with OCR decreases with depth from 14 to 11 at location 
SCPT1 and, on the contrary, it increases from 11 to 18 at location SCPT3, with a general 
average of 14. From about elevation -6.1 m till the end of the cone penetration soundings, 
the soil varies from heavily overconsolidated (OCR = 20) to moderately overconsolidated 
(OCR = 5).   
 Profiles of the in-situ coefficient of lateral earth pressure, Ko, defined as the ratio 
of the effective lateral stress, σ'ho, to the effective vertical stress, σ'vo, were estimated 
using the following methods: 
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1. Mayne and Kulhawy (1982) method, which correlates Ko to OCR and effective angle 
of internal friction, φ': 
                                            
                                                                   ( ) φφ ′′−= sino OCR.sinK 1                                          (4.17) 
 
where an average value of φ' = 35o was assumed based on the φ' calculated using the 
approach proposed by Mayne and Campanella (2005) and the guide values and design 
charts provided by Senneset et al. (1989).   
 
2. Andersen et al. (1979) method, where the proposed design charts provide correlation 
between Ko, Cu/σ'vo, OCR, and Ip. 
 
 Figure 4.22 plots the distribution of the estimated Ko with depth for each SCPT 
sounding. It is seen that both adopted methods give favourable agreement. The average 
Ko is about 1.7 between elevation -1.5 m and -3.5 m, 1.95 between elevation -3.5 m and -
5.0 m. From elevation -6.1 m to -15.0 m, Ko decreases from 2.4 to 1.2.  
 Many theories and empirical or semi-empirical correlations were developed to 
interpret the effective angle of internal friction, φ', of sand from cone resistance. Two 
methods were adopted in this research to estimate φ' for the silty sand layer in (Layer 4). 
Durgunoglu and Mitchell (1975) proposed a method for predicting φ' based on the 
bearing capacity theory, which included the effect of the stress history of sand (Ko = 1.0 
for overconsolidated state and Ko = 1-sinφ' for normally consolidated state). The method 
gave φ' that ranges between 39 and 44o for Ko = 1.0 and between 41 and 45o for Ko = 1-
sinφ'. Robertson and Campanella (1983) proposed an empirical relationship for 
estimating φ' from the cone resistance, qc. Figure 4.23 represents the empirical 
relationship with the results of the three SCPT soundings plotted on the same figure. The 
method gave φ', which ranges between 39 and 46o.      
 The estimated N values from the CPT results were utilized to estimate φ' for the 
silty sand layer and the silt crust. Peck et al. (1974) proposed a design chart for 
estimating φ' based on SPT N values and the effective vertical stress for cohesionless 
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soils. The chart gave values of φ' that range between 35 and 42o for the silty sand layer 
and between 29 and 33o for the silt crust. De Mello (1971) developed an empirical 
correlation to estimate φ' from the N values as shown in Fig. 4.24, which produced φ' that 
varies between 42 and 45o for the silty sand layer. 
 It can be concluded that φ' varies between 29 and 33o for the silt crust with an 
average of 31o which leads to a consistency of medium stiff according to Senneset et al. 
(1989). For the silty sand layer, a reasonable average value of φ' can be taken as 42o. This 
value agrees well with the estimated density of the silty sand soil (dense to very dense) 
and the laboratory obtained particle size of sand (medium to fine sand), as provided in 
Section 4.3.3. 
 The stress history of the silty sand layer was evaluated using the closed-form 
solution proposed by Mayne (2005), as given in Eq. 4.18. The solution is based on 
various chamber tests carried out on siliceous sand with stress histories that ranged from 
normally to overconsolidated states. The estimated OCR ranges between 4 and 8 with an 
average of 6. The OCR of the silt crust was assumed to be 10 based on the OCR of the 
clayey soil within the upper 3.5 m. The coefficient of lateral earth pressure, Ko, was 
calculated using Eq. 4.17 and was found to be 1.1 and 1.6 for the silty sand layer and silt 
crust, respectively. The Ko of the silty sand was further estimated using the approach 
provided by Mayne (2007) in Eq. 4.19, which resulted in Ko = 0.9 - 1.2. Thus, a value of 
1.1 is considered a reasonable estimate of Ko for the silty sand layer. Table 4.2 presents a 
summary of the estimated φ', OCR, and Ko for the silty sand layer and the silt crust.  
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Table 4.2. Drained shear strength and stress history of silty sand and silt layers  
Layer 1 Layer 4 
Silt Silty sand 
Type Method 
Estimated  Average Estimated  Average 
Durgunoglu & Mitchell (1975) 
Ko=1.0 
 39 to 44 
Durgunoglu & Mitchell (1975) 
Ko=1-sinφ’ 
 41 to 45 
Peck et al. (1974) 29 to 33 35 to 42 
Robertson & Campanella (1983)  39 to 46 
φ’ (o) 
De Mello (1971)  
31 
42 to 45 
42 
OCR Mayne (2005)  10* 4 to 8 6 
Mayne & Kulhawy (1982) 1.6 1.1 
Ko 
Mayne (2007)  
1.6 
0.9 to 1.2 
1.1 
*
 OCR for silty layer was estimated from OCR values of layer 2. 
 
 
4.3.5 Body Wave Velocities 
The velocities of shear waves and compression waves were calculated, from the 
measurements of seismic cone penetration (downhole method), using the pseudo-time 
interval technique (Rice, 1984). The travel time from the wave source (Section 4.2.1) to 
the geophone affixed in the cone rod was converted to a vertical travel path. The 
difference between the different successive depth measurements of vertical travel path 
time was used to determine the wave travel time over that interval of depth. In order to 
minimize the nonlinear wave paths of the generated seismic waves, the source was placed 
close, at about 0.86 m, to the cone rod. The seismic test was carried out at 1.0 m depth 
intervals. The profiles of the obtained seismic velocities, shear wave velocity, Vs, and 
compression wave velocity, Vp, and the calculated undrained Poisson’s ratio for three 
seismic cone penetration soundings are provided in Figs. 4.25 to 4.27. The seismic 
properties obtained are representative of the non-destructive response at low shear strain 
level (γs < 10-6 decimal). The low-strain Poisson’s ratio was calculated based on the 
theory of elasticity using Eq. 4.20.   
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 The average shear wave velocity was evaluated from Vs profiles as: Vs = 164 m/s 
for the silt crust in the upper 1.5 m; Vs varies approximately from 160 to 245 m/s in the 
clay, silty clay, and clayey silt soils, which then decreases to 206 m/s in the silty sand 
layer.  In the clay till, Vs shows an average of approximately 250 m/s along the upper 2.0 
m, which decreases to about 235 m/s until the end of the seismic cone sounding. On the 
other hand, the values of the low-strain undrained Poisson’s ratio, ν, vary between 0.37 
and 0.49. Such high Poisson’s ratios were considered to have insignificant influence on 
the dynamic response of the soil-pile system based on Dobry et al. (1982). 
 To examine the reasonableness of the Vs readings obtained by SCPT, two 
correlative relationships of Vs based on cone tip resistance were considered: Equations 
4.20 and 4.21 (Mayne and Rix, 1995; Baldi el al. 1989). Figures 4.25 to 4.27 present the 
Vs profiles from the SCPT measurements and from both correlations. Obviously, there is 
a favourable agreement between the measured and estimated Vs from Mayne and Rix 
(1995) for clay and silt soils. Baldi et al. (1989) correlation gave slightly lower values 
than the measured Vs for the silty sand layer.     
 
 
Clay                                      
                  ( ) 6270751 .ts q.V =                                               (4.20) 
Where qt is in kPa. 
 
Sand                                
                   ( ) ( ) 270130277 .vo.ts qV σ ′=                                        (4.21) 
Where qt and σ'vo are in MPa. 
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4.3.6 Deformation Parameters 
This section discusses the deformation characteristics of the site soils that include: 
Young’s modulus, E, and shear modulus, G, estimated at low-strain and large-strain 
deformations. The stiffness parameters of the site soil are needed in evaluating the 
deflections and response of the test piles under both dynamic and static loading 
conditions.    
 
4.3.6.1 Small-strain stiffness 
The small-strain stiffness, Gmax, from dynamic measurements applies to the initial static 
monotonic loading as well as the dynamic loading of geomaterials (Jardine et al., 1991). 
Laboratory testing methods such as resonant column tests can provide reasonable 
evaluation of the small-strain shear modulus, but the effects of sampling disturbance and 
stress history can alter the values obtained from that of the field deposits. On the other 
hand, the direct measurement of the shear wave velocity, Vs, can provide a reliable means 
for evaluating the field profile of Gmax. Therefore, the profiles of Vs provided in Figs. 4.25 
to 4.27 and the estimated values of the site soil unit weights (Fig. 4.7 and 4.8) were 
exploited to calculate Vs using the elastic theory, i.e.          
 
                             
                                                
2
smax VG ρ=                                                    (4.22) 
 
where ρ is the mass density of soil. Figure 4.28 shows the Gmax profile with depth for the 
three SCPT soundings. It is obvious that Gmax increases with depth along the upper 4.0 m 
in the locations SCPT1 and SCPT3. On the contrary, Gmax is approximately constant 
along the same zone in SCPT2. For the clay till from about elevation -6.1 m to the end of 
the SCPT soundings, Gmax is approximately constant with depth. The apparent 
discrepancy in Gmax profiles from the SCPT soundings may be attributed to the change in 
the thickness, strength, and consistency of the interbedded layers of silty clay, clayey silt, 
and silt. Despite that Gmax is a small-strain property measured at very small shear strain 
and qc is a large-strain property that involves failure of soil during cone penetration, there 
is still valid relationships between Gmax and qc. Both parameters depend on similar factors 
such as stress level and stress history. Mayne and Rix (1993) proposed a correlation that 
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relates Gmax to qc for the clay and silt soils by using the corresponding initial void ratio, 
eo, (Eq. 4.23). For sandy soils, Rix and Stokoe (1991) suggested the correlation provided 
in Eq. 4.24 to calculate Gmax. 
 
                             
                               ( ) 1316950406 .o.cmax e/qG =                                        (4.23) 
 
      
                                                              ( ) ( ) 37502501634 .vo.cmax qG σ ′=                                     (4.24) 
 
Where Gmax, qc, and σ'vo are in kPa.  
 
 Figure 4.28 depicts the distribution of the estimated Gmax using Eqs. 4.23 and 
4.24, where the initial void ratio of the clayey soils, required for calculation, are given in 
Fig. 4.14. The estimation of Gmax for the silt crust was not conducted using Mayne and 
Rix (1993) correlation as there was no information available about the initial void ratio. 
Generally, there is a good agreement between the estimated Gmax using the isotropic 
elastic theory and Mayne and Rix (1993) correlation. On the other hand, Rix and Stokoe 
(1991) correlation gave lower Gmax values for the silty sand soil compared to the isotropic 
elastic theory.  
It can be concluded that Gmax is about 35 MPa for the silt crust along the upper 1.5 
m. For the site clayey soils, Gmax increases from 46 to 110 MPa between elevation -1.5 m 
and -5.0 m and decreases from 114 to 98 MPa between elevation -6.1 m and -15.0 m, 
while an average of 96 MPa is considered for the silty sand layer. Due to the small 
varying thickness of the silty sand layer, it is believed that the measured Vs of the layer 
was affected by the underlain and overlaying very stiff clayey soils. Thus, it was deemed 
reasonable to evaluate Gmax for the silty sand using Rix and Stokoe (1991) correlation, 
which gives an average Gmax of 73 MPa.      
Figure 4.29 illustrates the distribution of the maximum shear modulus to strength 
ratio, Gmax/Cu, with depth. Within the upper clayey soil (above the silty sand layer), 
Gmax/Cu varies between 450 and 750 with an average of 600. From about elevation -6.1 
m, Gmax/Cu increases with depth from approximately 500 to 700.  
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 The shear modulus, G, and undrained Young’s Modulus, Eu, are interrelated using 
the undrained Poisson’s ratio through Eq. 4.25, i.e., 
 
                                                                                        ( )ν+= 12GEu                                                    (4.25) 
 
The initial-tangent undrained Young’s modulus, Eui, was calculated using the distribution 
of ν and Gmax provided in Figs 4.25 to 4.28. Figure 4.30 plots the distribution of Eui with 
depth for the three SCPT soundings. The Eui is about 97 MPa for the silt crust and 
increases from 128 to 322 MPa between elevation -1.5 m and – 5.0 m for the clayey soil 
above the silty sand layer. In clay till, between elevation -6.1 m and -15.0 m, Eui 
decreases with depth from 340 to 290 MPa. This variation in Eui distribution reflects the 
variations in the previously estimated strength and stress history of the site silt and clayey 
soils, as per Section 4.3.4. For the silty sand layer, the estimated Eui is about 217 MPa. 
The initial drained Young’s moduli, Edi, of the silt crust and the silty sand layer are 91 
and 197 MPa, respectively (considering drained Poisson’s ratio, νd = 0.35). However, the 
obtained Eui values from undrained-unconsolidated triaxial tests conducted on the 
extracted clayey silt and silty clay soil samples suggest that samples experienced a high-
level of disturbance during extraction from the borehole (Fig. 4.30). This was ascribed to 
the structured nature of the clayey soil depositions in the test site.  
 
4.3.6.2 Large-strain stiffness 
The stress-strain behaviour of soil is highly nonlinear at all stress levels with a true linear 
elastic behaviour observed at very small strains near the initial moduli, Gmax or Ei. Many 
researchers studied the modulus degradation with the level of strain (Vucetic and Dobry, 
1991; Shibuya et al., 1992; Zhang et al., 2005; Kallioglou et al., 2008) or as a function of 
the mobilized stress level (LoPresti et al., 1993; Fahey and Carter, 1993; Mayne and 
Dumas, 1997; Robertson, 2009). In addition, there are number of approaches used to 
model the nonlinearity of soil response (Duncan and Chang, 1970; Hardin and Drnevich, 
1972; Fahey and Carter, 1993).  
 A modified hyperbola model for the monotonic-static loading was utilized to 
reduce the initial small-strain Young’s modulus, Ei, to a secant value, Es, at the working 
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load level in terms of the mobilized stress relative to the ultimate stress (q/qult). The 
generalized form of the model is given by Fahey and Carter (1993): 
 
 
                                                             ( )gultsi q/qfE/E −= 1                                          (4.26) 
 
 where f and g are fitting parameters. The mobilized stress level can be considered as an 
inverse factor of safety. Thus, if assigning a factor of safety of 2 for the current research 
piles, then q/qult = 0.5. The axial load-displacement response of two of the test helical 
piles, SS1 and LS1 (Table 3.1), were utilized to quantify the model fitting parameters, f 
and g, using the elastic theory solution for calculating pile settlement (Poulos and Davis, 
1980). The modified form of the solution accounts for the nonlinear modulus degradation 
(Mayne and Dumas, 1997), i.e. 
 
                                                                 
( )[ ]gultibfp Q/Qf.d.E/I.QS −= 1                                        (4.27) 
 
  In Eq. 4.27, the pile settlement, Sp, is calculated using the applied to ultimate load 
ratio, Q/Qult, initial Young’s modulus at the pile base, Eib, pile diameter, d, and influence 
factor, If, which can be obtained from Poulos and Davis (1980).  
Using the aforementioned elastic continuum theory and the modulus degradation 
scheme, Fig. 4.31 indicates reasonable agreement between the measured and predicted 
pile load-displacement responses. The model fitting parameters, f and g, were estimated 
to be 0.99 and 0.24 for pile SS1 and 0.96 and 0.35 for pile LS1. Figure 4.32 presents the 
estimated modulus degradation (E/Ei) at the corresponding load levels. An average value 
of E/Ei = 0.2 is considered a reasonable estimate at Q/Qult = 0.5. Figure 4.33 illustrates the 
distribution of the secant Young’s modulus of the site soil with depth using the undrained 
modulus for the clayey soils and drained modulus for the silt crust and silty sand layer. 
The same figure presents the drained secant modulus, Eds, of the silty sand layer, 
calculated using the approach proposed by Robertson (2009), given by:  
 
      
             ( )( ) ( )( ) ( )vot.Ic..ultds qQ/Q.E σ−⋅⋅−= + 68155030 1010470                    (4.28) 
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 The Eds is about 18.5 MPa for the silt crust and 44 MPa for the silty sand layer. 
The undrained secant modulus, Eus, of the clayey silt, silty clay, and clay soils, above the 
silty sand layer, increases from 26 to 64.5 MPa between elevation -1.5 m and -5.0 m. The 
Eus for clay till decreases with depth from 68 to 58 MPa for depth -6.1 m to -15.0 m.  
 Duncan and Buchignani (1976) proposed a chart to estimate the secant undrained 
modulus to strength ratio, Eus/Cu, for cohesive soils based on the overconsolidation ratio 
and plasticity index. Figure 4.34 profiles the distribution of Eus/Cu in the site clayey soil 
based on the previously estimated Eus and Cu and the obtained Eus/Cu from Duncan and 
Buchignani approach. Despite the favourable agreement in the clay till, Duncan and 
Buchignani Eus/Cu values slightly underestimate the Eus/Cu for the clayey soil above the 
silty sand layer, between elevation -1.5 m and -5.0 m. This may be attributed to the 
slightly overestimated overconsolidation ratios for that zone as described in Section 4.3.4. 
It is noted that Eus/Cu for the site clayey soils varies between 250 and 450. 
 Figure 4.35 presents the distribution of the rigidity index, IR = Gs/Cu, for the three 
cone penetration soundings, where Gs is the secant shear modulus for the clayey soil 
calculated using Eq. 4.25 and the estimated Eus. In addition, the rigidity index was 
calculated using Kulhawy and Mayne (1990) approach, which is based on Cam-clay 
derivation, i.e. 
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where, Λ = 0.8; and Cc is the compression index, Cc = 0.009(WLL-10). It is obvious that 
Kulhawy and Mayne approach shows favourable agreement with the estimated IR 
especially for the clay till. The apparent discrepancy at the clayey soil above the silty 
sand layer reflects the slightly overestimated OCR. It can be concluded that IR varies 
between 90 and 150 for the site clayey soils. Furthermore, the pore pressure dissipation 
records measured at the pore pressure element located at u2 location of the cone 
penetrometer were utilized to estimate IR using Teh and Houlsby (1991) strain-path 
method (Eq. 4.29). The IR and the coefficient of horizontal consolidation, ch, were 
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obtained using the modified time factors, T, provided by the researchers, cone rod radius, 
ac = 1.78 cm, and the dissipation time, t.  
 
                                                                                         
Rc
h
I.a
t.c
T 2=             
                                           (4.30) 
 
The excess pore pressure dissipation record was corrected for the effect of pore 
pressure redistribution after stopping cone penetration, according to the recommendations 
provided by Sully et al. (1999). The dissipation of pore pressure is presented in term of 
the normalized excess pore pressure U = ∆ut/∆ui, where ∆ut is the excess pore pressure at 
any time t after penetration is stopped and ∆ui is the initial excess pore pressure at t = 0. 
Figure 4.36 depicts the measured and estimated dissipation curves at elevation -14.25 m 
at SCPT1. The resulted coefficient of horizontal consolidation is 0.025 and the rigidity 
index IR is 120, which matches with the previously estimated range of IR.  
 
4.3.7 Summary of Soil Parameters 
A summary of the soil parameters that are of interest in the interpretation of the observed 
piles behaviour is included in Table 4.3. The soil profile in the zone where the piles 
mobilize their capacities is divided into five layers: Silt crust (1.0 to 1.5 m thick), stiff 
clay, silty clay to silty clay and clayey silt (2.8 to 3.1 m thick), stiff to very stiff silty clay, 
clayey silt, and clay (0.6 to 1.3 m thick), Silty sand, sand and sandy silt (0.3 to 1.5 m 
thick), and a lower layer of clay till. 
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Table 4.3. Soil properties  
*
 Use drained parameters for layers 1 and 4 and undrained parameters for the other layers. 
Parameter Layer 1 Layer 2 Layer 3 Layer 4 Layer 5 Layer 6 
 
Silt crust 
Clay to silty clay 
and clayey silt 
Silty clay, clayey 
silt, and clay 
Silty sand/sand, 
and sandy silt Clay till 
Sandy silt, clayey 
silt, silt, and silty 
clay 
 
Stiff Stiff Very stiff 
Dense to very 
dense Very stiff to hard Very stiff 
Thickness (m) 1 to 1.5 2.8 to 3.1 0.6 to 1.3 0.3 to 1.5 7.2 1.7 
Index Properties 
γ        (kN/m3) 18.2 17.8 17.8 18.8 17.5 18.0 
Gs - 2.66 2.65 2.68 2.7 - 
ν∗ 0.35 0.42 0.46 0.35 0.48 0.49 
Stress History 
OCR 10 10 14 6 15 7 
Ko 1.9 1.7 1.95 1.1 2.4 to 1.5 1.2 
Strength Parameters 
Cu      (kN/m2) - 85 137 - 177 150 
φ'              (o) 31 - - - 42 - 
Stiffness Parameters 
Ei*        (MPa) 91 128.0 to 170.0 232.0 to 322.0 197.0 340.0 to 290.0 290.0 
Es*        (MPa) 18.5 26.0 to 34.0 46.5 to 64.5  44.0 68.0 to 58.0  58.0 
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Figure 4.19. Profiles of clay shear strength estimated from CPT based correlations 
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Figure 4.20. Profiles of clay shear strength estimated from SPT based correlations
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Figure 4.21. Variation of Shear strength and strength ratio with depth  
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Figure 4.22. Profiles of over-consolidation ratio and coefficient of lateral earth pressure for clayey soils
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Figure 4.23. Estimated peak effective angle of internal friction, φ', using Robertson and 
Campanella (1983) method  
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Figure 4.24. Estimated peak effective angle of internal friction, φ', using De Mello 
(1971) method
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Figure 4.25. Profiles of seismic wave velocities and Poisson’s ratio for SCPT1  
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Figure 4.26. Profiles of seismic wave velocities and Poisson’s ratio for SCPT2 
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Figure 4.27. Profiles of seismic wave velocities and Poisson’s ratio for SCPT3 
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Figure 4.28. Profiles of small-strain shear modulus, Gmax
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Figure 4.31. Measured and predicted axial response for: a) pile SS1; b) pile LS1 
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Figure 4.32. Modulus degradation in terms of mobilized load for pile SS1 and pile LS1 
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Figure 4.33. Distribution of the secant Young’s modulus 
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Figure 4.34. Profiles of undrained secant modulus of clayey soil to strength ratio 
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Figure 4.35. Profiles of rigidity index
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Figure 4.36. Normalized pore pressure dissipation at -14.25 m at SCPT1 
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CHAPTER FIVE 
EXPERIMENTAL AND THEORETICAL DYNAMIC 
INVESTIGATION 
 
 
 
5.1 INTRODUCTION 
This chapter presents the comparison between the full-scale vertical and horizontal 
vibration responses of large-capacity helical piles and driven steel piles of similar length, 
which is considered necessary to qualify and quantify the dynamic performance of large-
capacity helical piles. Quadratic type harmonic load tests were conducted by adopting 
five force intensities applied within frequency range that covered the resonance 
frequencies of the tested pile-soil-cap systems. The dynamic and static properties of the 
subsurface soil adjacent to the test piles were determined using the seismic cone 
penetration technique and the conventional soil boring and testing methods explained in 
Chapter 4. The study undertaken compares the field observations against the theoretical 
predictions and provides an insight into the role of pile-soil interaction in theoretically 
matching the field observations. Two different methods of analytical analyses are 
utilized, namely: linear analysis and nonlinear analysis, based on the continuum theory. 
The effects of soil separation and soil nonlinearity, which is accounted for through the 
concept of weak boundary zone around the piles are considered in the nonlinear 
simulation process; and the stiffness and damping parameters of the test piles are 
estimated accordingly. Furthermore, the dynamic test data are employed to establish 
empirical relationships between the pile-soil separation and the maximum vibration 
amplitude for both vertical and horizontal vibrations. 
 
 
5.2 EXPERIMENTAL SETUP 
This section presents the setup of the forced vertical and horizontal dynamic testing and 
free vibration testing of helical and driven piles. 
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5.2.1 Test Piles  
The tested helical piles included eight closed-ended, single and double-helix piles with 
outer steel pipe shaft diameter of 0.324 m, and helix diameter of 0.61 m. Four piles were 
6.0 m long and four were 9.0 m long.  The two driven piles were closed-ended, of similar 
geometrical and material configurations as those adopted for the helical piles’ shaft. 
Table 3.1 provides the geometrical properties of the test piles, while Table 5.1 gives their 
material properties. The test piles protruded 0.6 m above the ground surface (i.e. 
unsupported length), with a test body mass attached at their top. 
 
5.2.2 Test Body Mass  
To ensure that the resonant frequencies are well defined and fall within the frequency 
range of the exciting machine, a steel test body was added to the cap of each test pile. 
This also allowed simulating the effects of a superstructure on the response of the pile-
soil system. Upon completing the pile installation, the pile head was machined providing 
a clean and levelled edge to facilitate placing the cap perpendicular to the pile centreline. 
The pile cap was a rectangular machined steel plate, 700 × 460 mm and 38.0 mm thick, 
and weighed approximately 88.0 kg.  A circle equal to the diameter of the pile was drawn 
at the centre of the pile cap plate. The plate was then slipped over the pile head and its 
position adjusted until the drawn circle coincided exactly with the pile circumference in 
order to assure that both the plate and pile shared the same vertical axis. The plate was 
levelled in both directions and fillet welded to the test pile head. The schematic diagram 
of the experimental setup of piles is illustrated in Fig. 5.1. The setup for vertical and 
horizontal vibration tests on piles is shown in Fig. 5.2.  
After the cap plate was securely affixed to the pile head, the steel test body plates 
were stacked on its top. The test body comprised of 29, 49 or 59 machined circular steel 
plates each with diameter of 724.0 mm, thickness of 25.4 mm, and mass of 79.0 kg. The 
steel plates had machined contact surfaces to prevent slippage. The lower and upper test 
body plates were centered and welded to the pile cap plate and the Lazan oscillator base 
plate, respectively. The entire stack of the test body plates was rigidly fastened together 
with four threaded steel rods so that the whole setup acts as a rigid body.  The properties 
of the test bodies, oscillator, and pile cap are given in Table 5.2. 
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Table 5.1. Material properties of the test piles 
Property Value 
Moment of inertia 1.164×10-4            (m4) 
Young’s modulus 210                     (GPa) 
Poisson’s ratio 0.3 
Damping ratio 0.01 
Unit weight 78.46              (kN/m3) 
Coefficient of rigidity 1.11 
 
 
Table 5.2. Properties of test body, oscillator, and pile cap 
 Vibration direction 
Properties Vertical  Horizontal Vertical  Horizontal  Horizontal  
No. of plates 49 49 59 59 29 
Mass of cap-test body-
oscillator (kg) 4059.5 4062.5 4849.5 4852.5 2482.5 
Height of centre of gravity 
(CG) , Zc, (m) a 0.6644 0.6667 0.791 0.793 0.415 
Height of excitation above 
centre of gravity (CG), Ze, 
(m) 
0.733 0.811 0.861 0.938 0.554 
Mass moment of inertia about 
y (kg.m2) b 710.7 710.7 1152 1152 238 
a
 Height of CG, Zc, is measured from the bottom surface of the pile cap plate, which is located at 0.6m 
above ground surface. 
b
 y-axis lay horizontally through the CG and is parallel to the flexible shaft direction. 
 
 
5.2.3 Excitation Mechanism  
The vertical and horizontal excitation forces were produced by means of a Lazan 
mechanical oscillator, Model MO2460, mounted over the test body mass. The excitation 
force was harmonic, characterized as a quadratic function proportional to the square of 
driving frequency. The oscillator is comprised of two counteracting shafts each carried a 
set of eccentric masses to generate the harmonic excitation. The magnitude of the 
excitation force can be varied by altering the degree of eccentricity of the rotating 
unbalanced masses via an external knob at the end of one shaft assembly. The oscillator 
had a mass of 51.5 kg and was driven by a 7.5 HP 220 V three phase motor capable of 
generating sinusoidal force of 23.5 kN peak-to-peak. The speed of the motor was 
controlled by a variable frequency AC speed drive, yielding stable operating speeds 
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between 3 and 60 Hz. A well-balanced, flexible drive shaft was utilized to connect the 
oscillator to the motor through its end couplings, see Fig. 5.2.  
The oscillator was placed on the top of its base plate, which was welded to the 
upper steel plate of the test body mass. Four holding rods were used to connect the 
holding channel frame to the oscillator base plate in order to keep the oscillator stable 
under vibration. The excitation was applied in the vertical and horizontal directions. For 
horizontal vibration, the oscillator was placed vertically on its base plate and in reverse 
for vertical vibration. Table 5.2 gives the properties of the test body, oscillator, and pile 
cap. 
 
5.2.4 Instrumentation  
To evaluate the dynamic performance of the pile, it was necessary to determine the 
displacement amplitude of the test body mass at each loading frequency accurately. The 
vibration measuring equipment consisted of two uniaxial piezoelectric accelerometers 
Model 333B50, one triaxial accelerometer Model 356B18, frequency measurement unit 
(tachometer), Model KM2235B, to monitor excitation frequency, and National 
Instruments data acquisition system Model SCXI-1520. The accelerometers were located 
on the test body in such way that two uniaxial accelerometers were mounted at 
equidistant positions from the foundation centre on the axis of symmetry. The triaxial 
accelerometer was mounted on one side of the test body, at the height of the centre of 
gravity in order to measure horizontal vibration with no effect from rocking mode of 
vibration on measurements. For vertical vibration, the displacement responses derived 
from the three accelerometers were averaged to eliminate the rocking mode component. 
For horizontal vibration, the displacement was derived from acceleration measurements 
of the triaxial accelerometer, while the other two accelerometers provided measurements 
for the rocking component (Figs. 5.1 and 5.3). To monitor the strain and force 
distribution along the helical piles, half-bridge strain gauge circuits were affixed on the 
pile shaft at specified locations as was discussed in Chapter 3. 
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Figure 5.1. Schematic diagram of dynamic test setup 
 
 
 
 
 
        
 
Figure 5.2. View for test setup: a) vertical vibration; and b) horizontal vibration 
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Figure 5.3. Location of accelerometers 
 
 
 
5.3 TEST PROCEDURES 
 
5.3.1 Steady-state test  
The dynamic experiments were conducted first on the helical and driven piles two weeks 
after installation, when the soil around pile shaft was expected to be remoulded because 
of the piles installation process. The vibration tests were then repeated on the 9.0 m 
helical piles only, nine months after installation, which was considered to be sufficient 
time period to allow the remoulded soil to regain a significant amount of its original 
stiffness. Consequently, the effect of the soil thixotropic changes on the dynamic 
performance of helical piles could be evaluated. The piles’ notation scheme provided in 
Chapter 3 is utilized here to indicate the pile under consideration taking into account the 
geometrical configuration of the test pile and time elapsed between installation and 
testing. 
The Lazan oscillator was connected to the drive motor through the flexible shaft 
to complete the necessary mechanical connections. The harmonic excitation was 
measured after specified suitable size of the test body mass was attached to the pile cap. 
1D  
Accelerometer 
1D  
Accelerometer 
3D  
Accelerometer 
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The mass of the steel plates used was approximately 2291 kg, 3871 kg or 4661 kg (29, 49 
or 59 plates, respectively) in different tests in order to keep the resonant frequencies 
within the frequency range of the oscillator. For the vertical and horizontal excitations, 
each helical pile was tested under five different excitation intensities (me e = 0.091, 0.12, 
0.16, 0.18, and 0.21 kg.m), while the two driven piles were tested under three excitation 
intensities (me e = 0.091, 0.16, and 0.21 kg.m). The excitation intensities are given in 
terms of me.e in which me and e are the oscillator eccentric rotating masses and the 
eccentricity of the rotating masses, respectively. The magnitude of the dynamic force is 
related to the eccentricity of the oscillator as follows: 
 
                                                                                 ( )tsin.e.mP ed ωω2=                                                (5.1) 
 
where ω  is the circular frequency. Initially, the oscillator was operated at low-force level 
(low excitation intensity) in order to keep the vibration amplitudes small enough to avoid 
any pile-soil separation and strong nonlinearity. The oscillator was driven to cover a 
frequency spectrum from about 3 to 60 Hz. The steady-state acceleration time history was 
recorded after reaching equilibrium by maintaining the frequency long enough at each 
specified frequency. The acceleration was recorded along the frequency range of the 
oscillator for the lowest adopted excitation intensity before the eccentricity of the rotating 
masses was increased and the test was repeated. The peak-to-peak generated force levels 
varied between about 0.091 and 20.72 kN, which was deemed to be sufficient to bracket 
the vibration response of most full scale foundations. 
 
5.3.2 Free vibration test  
At the end of the steady-state vibration tests of helical piles SD2, LD1, and LD2 (tested 9 
months after installation) and driven pile DL (tested two weeks after installation), 
additional data were collected by applying a free-vibration (plucking) test. It was 
conducted on the same pile-test body configurations. The test body was subjected to a 
slight horizontal displacement employing a robe that was horizontally connecting the 
body mass to a picking truck. The horizontal excitation load was applied suddenly by 
releasing the robe, while the acceleration response was recorded. 
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5.4 DYNAMIC RESPONSE OF PILES 
 
5.4.1 Free-vibration  
The acceleration traces measured during the plucking tests of piles SD21, LD12, LD22, 
and DL1 are shown in Figs. 5.4 to 5.9, respectively. These acceleration traces were used 
to calculate the damping ratio as explained in the following. 
The damping ratio, Ds, was obtained from the acceleration time history using the 
logarithmic decrement method, as given by: 
  
                                                                                    





=
+12
1
x
x
s U
UlnD
&&
&&
π
 
                                               (5.2) 
 
where xU&& and 1xU +&&  are the acceleration peaks in two successive cycles. This resulted 
in a damping ratio of approximately between 2.5 and 3.4% for pile SD21, 4.0 and 5.1% 
for pile LD12, 4.6 and 6.0% for pile LD22, and 4.5 and 6.4 for pile DL1. 
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Figure 5.4. Free vibration test results of Pile SD21 
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Figure 5.5. Free vibration test results of Pile LD12 
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Figure 5.6. Free vibration test results of Pile LD22 
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Figure 5.7. Free vibration test results of Pile DL1 
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5.4.2 Steady-state vertical vibration 
The steady-state testing was conducted over two phases. The first phase was conducted 
two weeks after the installation of piles was completed. The second phase of testing was 
performed after nine months from pile installation for the 9.0 m helical piles only.  
Typical vertical vibration response curves for the helical and driven piles, 
measured under the effect of harmonic excitation of different intensities, are presented in 
Figs. 5.8 to 5.10, for the first phase of testing. The displacement amplitudes were 
computed through three steps: base line correction, filtering, and double integration. In 
the first step, the acceleration time history was baseline corrected using cubic polynomial 
type correction in order to force the acceleration records to oscillate about zero. Step two 
involved using the Butterworth bandpass filter to suppress all noise frequencies in the 
acceleration record.  A Fast Fourier Transform (FFT) analysis was then applied to the 
filtered record to obtain the dominant response frequencies to verify its closeness to the 
excitation frequency. In step three, a double integration process was performed using 
Simpson’s rule to compute the displacement time history. 
The vertical displacements of piles vary with frequency and indicate a single 
resonant peak in all cases. The maximum (peak) displacement amplitudes measured at 
the centre of gravity of the static mass are 0.396 mm for the 6.0 m helical piles, 0.4 mm 
for the 9.0 m helical piles, and 0.317 mm for the driven piles. These amplitudes reflect 
the relatively moderate level of applied vertical vibration. It is observed that as the 
excitation intensity increased, the measured response increased. By inspecting Figs. 5.8 
to 5.10, it can be concluded that the dynamic behaviour of helical piles is generally the 
same for similar test body masses regardless of the number of helices. On the other hand, 
the response of the driven piles was very close to that of helical piles. This indicates that 
most of the soil reactions to dynamic vibration were developed along the pile shaft, as 
explained later. The observed differences in amplitudes may be ascribed to the variation 
of soil profile surrounding the pile and/or the extent to which the soil was remoulded 
around the pile during installation. It is worth noting that pile LD31 gave higher 
frequency range compared to those obtained for the other 9.0 m helical piles tested two 
weeks after installation. This can be ascribed to some extent to variations in soil profile 
and testing conditions that might affect the results of pile LD31.     
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Figures 5.11 to 5.13 show the dimensionless response curves of the test piles in 
the first phase. The dimensionless amplitudes are defined as ( )V.e.mm e , where V is the 
measured vertical amplitude. For a linear vibrating system, all dimensionless response 
curves for different load intensities should collapse onto one curve and the amount by 
which they differ represents the degree of the response nonlinearity. The nonlinearity was 
manifested by the reduction of the resonant frequency with the increase of excitation 
intensity.  Slight nonlinearity was observed, especially for test piles SS11, SD31, LS11, 
LD21, and LD31, where the measured resonant amplitude shifts for about 2 Hz from the 
lower excitation intensity to the higher intensity. This indicates a reduction in stiffness 
(which is proportional to square of frequency) of almost 88% compared to the highest 
stiffness value, associated with the lowest excitation intensity. The experimental test 
results including resonant frequencies, fres, and amplitudes, Vres, at the adopted excitation 
intensities are summarized in Tables 5.4, 5.5, and 5.7.      
The results of the vertical dynamic load tests of the 9.0 m helical piles for phase 
two conducted nine months after installation are shown in Fig. 5.14. In addition, Table 
5.7 provides the resonant frequencies and vertical amplitudes. As can be noted from Fig. 
5.14, the response curves display clear resonance peaks, with the natural frequency 
decreasing slightly as the excitation intensity increased due to slight to moderate soil 
nonlinearity. Figure 5.15 depicts the dimensionless vertical amplitude curves for the four 
piles. The natural frequency was approximately the same for all four piles without any 
tangible effect for the number of helices or the inter-helix spacing on the results of the 
vertical vibration response. 
 The effect of soil thixotropy in the remoulded annular soil zone formed around 
the helical pile shaft during pile installation was studied. It is observed that piles LS12 
and LD12 (tests performed 9 months after installation) showed an increase in the 
resonant frequencies and decrease in resonant amplitudes when compared with the same 
piles tested two weeks after installation (piles LS11 and LD11).  The resonant 
frequencies increased by 19 to 23% and resonant amplitudes decreased by 7 to 10.6% 
based on the excitation intensity, when compared with cases LS12 and LS11. Moreover, 
the resonant frequencies increased by 16 to 26% and resonant amplitudes decreased by 
22 to 55%, based on excitation intensity level, when compared with cases LD12 and 
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LD11. This implies that both the stiffness and damping of helical pile were increased 
with elapsed time after installation as a result of the improvement in stiffness and strength 
of the remoulded structured soil. The improvement in total damping was generated due to 
the increase in geometrical damping (radiation damping). 
  On the other hand, piles LD22 and LD32 showed approximately the same 
resonant frequencies and amplitudes when compared to the results of the same piles 
tested two week after installation (especially for pile LD21). This is attributed to the pile-
soil-pile interaction effects with 6 reaction piles that were installed around piles LD2 and 
LD3 at distance of 4 times helix diameter as part of the reaction frame that was used later 
to perform static load tests on the two test piles. As part of phase two, piles LD22 and 
LD32 were tested under dynamic loading after the installation of the reaction piles. It is 
theorized that the installed reaction piles caused disturbance to the soil around piles LD22 
and LD32, thus decreasing its shear modulus and consequently, reducing the pile stiffness 
and natural frequency close to those obtained from LD21 and LD31. 
 
5.4.3 Steady-state horizontal vibration 
The horizontal displacement was computed using the same 3-step procedure: baseline 
correction of the acceleration time history; filtering the corrected time history using the 
Butterworth bandpass filter to suppress all noise frequencies and the dominant response 
frequency was accentuated through Fast Fourier Transform (FFT) analysis; and double 
integration using Simpson’s rule to compute the displacement time history. A set of 
horizontal vibration response curves are shown in Figs. 5.16 to 19 for the first phase of 
testing completed two weeks after installation of piles for different excitation intensities 
and test body masses.    
The horizontal vibration responses for the 6.0 m helical piles (SS11, SD11, SD21, 
and SD31) with test body comprising 49 plates are shown in Fig. 5.16, while their 
responses with test body comprising 59 plates are shown in Fig. 5.17.  Figures 5.18 and 
5.19 depicts the response of the 9.0 m helical piles (LS11, LD11, LD21, and LD31) and 
the two driven piles (DS1 and DL1), respectively, with test body comprising 59 plates. It 
can be noted from Figs. 5.16 to 5.18 that each curve displays well-separated two peaks: 
one associated with the horizontal vibration mode and one associated with the rocking 
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vibration mode at higher frequencies. Inspecting Figs. 5.16 to 5.18 carefully, it is 
observed that even though the resonance has been covered in cases of 49 and 59 plate test 
bodies for the 6.0 and 9.0 m helical piles, the resonant frequency readings have not been 
captured with certainty as it seems that the frequency sweep has not enclosed the resonant 
frequency at the low end. It is clear from the figures that the resonant frequencies for the 
horizontally tested helical piles in the first phase vary between 3 and 4 Hz. The horizontal 
vibration response of the 6.0 and 9.0 m driven piles showed resonant frequencies that 
varied between 3.1 and 3.6 Hz, based on the excitation intensities, with maximum 
amplitudes of 1.14 and 0.886 mm for the 6.0 and 9.0 m piles, respectively. This is 
consistent with the frequency range observed for the helical piles.  
 The response curves of the 9.0 m helical piles tested in the second phase, nine 
months after installation, (LS12, LD12, LD22, and LD32), are shown in Figs. 5.20 and 
5.21 for test body mass that comprised of 29 and 59 plates, respectively. The response 
characteristics of piles LD22 and LD32 are appreciably similar to those of LS12 and 
LD12 with no tangible effect from the installed reaction piles on the horizontal dynamic 
performance of LD22 and LD32, unlike the vertical vibration case. The effect of the test 
body mass on the resonant frequency and amplitude were investigated and it is observed 
that both resonant frequency and amplitude increased as the test body decreased from 59 
to 29 plates. It can be noted that the resonant frequency increased by an average of 69% 
for LS12, 65% for LD12, 71% for LD22, and 69% for LD32.  
The horizontal response curves show no significant effect for the number of 
helices or the inter-helix spacing on the results of the horizontal vibration response and 
the response of helical piles was similar to that of driven piles of the same geometrical 
configurations. This is expected as the horizontal response of piles is governed by the soil 
conditions along the top 10 to 15 pile diameters (about 3 to 4.5 m in this case). The 
observed response curves displayed slight to moderate nonlinearity as the resonant 
frequencies decreased with increasing the excitation intensity. Figures 5.22 to 5.24 depict 
the dimensionless horizontal vibration curves for second phase test results. The resonant 
frequencies, fres, and amplitudes, Hres, for the test piles (LS12, LD12, LD22, LD32, DS1, 
and DL1) are summarized in Tables 5.8 and 5.9.      
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Figure 5.8. Vertical vibration amplitudes for: a) SS11; b) SD11; c) SD21; and d) SD31  
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Figure 5.9. Vertical vibration amplitudes: a) LS11; b) LD11; c) LD21; and d) LD31  
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Figure 5.10. Vertical vibration amplitudes: a) DS1; and b) DL1 
 
 
 
 
 
 
Frequency (Hz)
0 10 20 30 40 50 60
Di
m
en
si
o
n
le
ss
 
v
er
tic
al
 
am
pl
itu
de
0
2
4
6
8
10
12
0.21 kg.m 
0.16 kg.m
0.091 kg.m
Excitation intensity
Frequency (Hz)
0 10 20 30 40 50 60
Di
m
en
s
io
n
le
s
s 
v
e
rt
ic
al
 
a
m
pl
itu
de
0
2
4
6
8
10
12
0.21 kg.m 
0.16 kg.m
0.091 kg.m
Excitation intensity
 
 
a)                                                                     b) 
 
Figure 5.11. Dimensionless vertical response curves for: a) DS1; and b) DL1 
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Figure 5.12. Dimensionless vertical response curves for: a) SS11; b) SD11; c) SD21; and    
d) SD31  
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Figure 5.13. Dimensionless vertical response curves for: a) LS11; b) LD11; c) LD21; 
and d) LD31  
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Figure 5.14. Vertical vibration amplitudes for: a) LS12; b) LD12; c) LD22; and d) LD32  
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Figure 5.15. Dimensionless vertical response curves for: a) LS12; b) LD12; c) LD22; 
and d) LD32  
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Figure 5.16. Horizontal vibration amplitudes (49 plate test body) for: a) SS11; b) SD11; 
c) SD21; and d) SD31  
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Figure 5.17. Horizontal vibration amplitudes (59 plate test body) for: a) SS11; b) SD11; 
c) SD21; and d) SD31  
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Figure 5.18. Horizontal vibration amplitudes (59 plate test body) for: a) LS11; b) LD11; 
c) LD21; and L) SD31  
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Figure 5.19. Horizontal vibration amplitudes (59 plate test body) for: a) DS1; and b) DL1  
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Figure 5.20. Dimensionless horizontal response curves (59 plate test body) for: a) DS1; 
and b) DL1  
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Figure 5.21. Horizontal vibration amplitudes (29 plate test body) for: a) LS12; b) LD12; 
c) LD22; and d) LD32  
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Figure 5.22. Horizontal vibration amplitudes (59 plate test body) for: a) LS12; b) LD12; 
c) LD22; and d) LD32  
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Figure 5.23. Dimensionless horizontal response curves (29 plate test body) for: a) LS12; 
b) LD12; c) LD22; and d) LD32  
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Figure 5.24. Dimensionless horizontal response curves (59 plate test body) for: a) LS12; 
b) LD12; c) LD22; and d) LD32  
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5.5 THEORETICAL ANALYSIS 
The response of piles to dynamic loads is largely affected by the interaction between the 
piles and the surrounding soil. This interaction modifies the stiffness of piles and 
generates geometrical damping and hysteretic damping. Two different theoretical 
continuum approaches were adopted to investigate the performance of both of the helical 
piles and driven piles under harmonic vertical and horizontal vibrations. This includes the 
estimation of the response curves, dynamic load in piles, and stiffness and damping of the 
pile-soil system. The two approaches are incorporated in the computer program DYNA 6 
(El Naggar et al., 2011). 
 
5.5.1 Linear Analysis  
The theoretical approach was presented by Novak and Aboul-Ella (1978a, 1978b) using 
the plane strain condition as an extension of the elastic solution provided by Baranov 
(1967) and Novak (1974, 1977). The approach was used to derive the impedance 
functions (stiffness and damping) of piles in layered soil medium. The main assumptions 
adopted in the theoretical formulation are: (1) the soil is composed of horizontal linearly 
viscoelastic layers with hysteretic material damping; (2) the pile is elastic and divided 
into finite elements, each of the same length as the side soil layer; and (3) the soil below 
the pile toe is a viscoelastic half-space. The soil reactions to pile vertical and horizontal 
vibration were provided in terms of complex soil stiffness by Novak et al. (1978) for soil 
reaction along pile shaft (Eqs. 5.3 and 5.4) and by Veletsos and Verbic (1973) for soil 
reaction at pile toe (Eqs. 5.5 and 5.6), as follows: 
 
Soil reaction along pile shaft:        
Vertical:                                         ( )21 vvosvs iSSGk +=                                                                     (5.3) 
 
Horizontal:                                    ( )21 uuosus iSSGk +=                                                                     (5.4) 
 
Soil reaction at pile toe: 
Vertical:                                      ( )21 vvtotvt iCCR.Gk +=                                                                 (5.5) 
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Horizontal:                                  ( )21 uutotut iCCR.Gk +=                                                                (5.6) 
 
in which osG and otG  are the shear modulus of soil along pile shaft and toe, respectively; 
tR  is the pile toe radius; 1−=i ; 1vS  and 1uS  are the real parts of the dimensionless 
complex soil vertical and horizontal stiffness along pile shaft, respectively; 2vS and 2uS  
are the imaginary parts of the dimensionless complex soil vertical and horizontal stiffness 
along pile shaft, respectively; 1vC  and 1uC  are the real parts of the dimensionless 
complex vertical and horizontal soil stiffness at pile toe, respectively; and 2vC  and 2uC  
are the imaginary parts of the dimensionless complex vertical and horizontal soil stiffness 
at pile toe, respectively. With harmonic motion having complex amplitude, the complex 
and frequency dependent impedance at the pile head is expressed as: 
     
Vertical:                                              21 vvv ikkK +=                                                    (5.7)  
 
Horizontal:                                         21 uuu ikkK +=                                                   (5.8)                                                               
                                                               
where, 1vk  and 2vk  are the vertical dynamic stiffness and damping impedances; and 1uk  
and 2uk  are the horizontal dynamic stiffness and damping impedances. The notations 
2vk  and 2uk  are equivalent to c.ω  where c is the equivalent viscous damping coefficient 
that accounts for geometric and hysteretic damping.    
 
5.5.2 Nonlinear Analysis  
The pile performance may be affected by the remoulding of soil around the pile during 
installation, nonlinearity of soil at the zone of high strain, lack of bond at the pile-soil 
interface, slippage, and separation. In order to account for most of these factors, Novak 
and Sheta (1980) extended the plane strain theory, to assume that the pile is surrounded 
by a linear viscoelastic medium composed of two zones: an outer undisturbed zone and 
an inner cylindrical weakened boundary zone surrounding the pile, as presented in Fig. 
5.25. Soil disturbance/remoulding and nonlinearity and weakened bond are accounted for 
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by a reduced shear modulus and increased material damping of the weakened boundary 
zone of soil. The parameters characterizing the weakened zone, including the shear 
modulus ratio, Gm/Go, damping ratio, Dm, thickness, tm, and mass participation factor 
(M.P.F) assigned to represent the percentage of weak zone soil mass vibrating in-phase 
with the pile, play an appreciable role in the pile dynamic response.  
The complex soil reactions of the composite medium were developed by Novak 
and Sheta and substituted into the approach presented by Novak and Aboul-Ella (1978a) 
to calculate the complex and frequency dependent stiffness and damping constants of the 
piles, as follows: 
 
Vertical:                    





+=+= 2121 vm
t
vm
p
vmvmvm fV
Rif
R
AE
ikkK ω                                         (5.9) 
 
Horizontal:              





+=+= 2121 um
t
um
p
umumum fV
Rif
R
AE
ikkK ω                                   (5.10) 
 
where, vmK  and umK  are the total vertical and horizontal stiffness of pile in the 
composite medium, respectively; 1vmk  and 2vmk  are the vertical stiffness and damping 
impedances; 1umk  and 1umk  are the horizontal stiffness and damping impedances; 1vmf  
and 2vmf  are the dimensionless vertical stiffness and damping parameters; 1umf  and 
2umf  are the dimensionless horizontal stiffness and damping parameters; pE  and A  are 
the modulus of elasticity and cross sectional area of the pile; and tV  is the shear wave 
velocity near pile toe. It is worth mentioning that the approach does not account for pile-
soil separation near ground surface, which instead, could be modeled in DYNA 6 as a 
void soil layer with Go=0.    
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Figure 5.25. Schematic diagram for the nonlinear analysis model 
 
 
 
5.6 COMPARISON OF THEORETICAL AND EXPERIMENTAL RESULTS 
The relevant pile and soil properties shown in Figs. 5.26, 4.7, and 4.8 and Tables 5.1, 5.2, 
and 3.1 were used to calculate the response of the test piles. Also, the distribution of 
Poisson’s ratio was obtained from Figs. 4.25 to 4.27. The pile was divided into a number 
of elements corresponding to the adjacent soil layers with different shear wave velocities. 
For helical piles with two helices, the two helices were modelled in the program DYNA 6 
as one helix, of the same total area, attached to the end of the helical pile.  However, the 
observed behaviour of the tested helical and driven piles suggested that they behaved as 
floating piles and the helices did not affect the behaviour significantly.  
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Figure 5.26. Distribution of shear wave velocity for: a) SS1; b) SD1; c) SD2; d) SD3;    
e) LS1; f) LD1, DS, and DL; g) LD2; and h) LD3  
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5.6.1 Comparison with Linear Analysis  
In this analysis, no weak zone around the pile was considered and the value of the 
damping ratio of soil was assumed constant, Ds = 5%, with depth. The soil beneath the 
toe of the helical pile was assumed to be homogeneous with an average shear modulus 
that represents the undisturbed soil beneath the upper and lower helices. The estimated 
response assuming no change of soil properties due to installation, i.e., no soil 
disturbance or remoulding, (and denoted here as linear analysis) are compared with the 
measured response curves in Figs. 5.27 to 5.33. 
 
5.6.1.1 Vertical vibration 
By inspecting Figs. 5.27 to 5.30 and Tables 5.4, 5.5, and 5.7, it is noted that there is 
significant differences between the estimated and measured response curves. The natural 
frequencies estimated from the linear analysis are much higher than the measured values, 
by an average of 62 to 74% for the 6.0 m piles, and by an average of 40 to 80% for the 
9.0 piles. For the second phase of testing (piles LS12 and LD12), the difference 
decreased to about 40.6 and 44.2%. In addition, the estimated resonant peaks are more 
rounded, indicating higher damping compared to the experimental results. This is also 
indicated in terms of much lower estimated vibration amplitudes compared with the 
measured values.  
These discrepancies are attributed to the fact that the soil adjacent to the test piles 
was remoulded due to the installation process. Such remoulding occurs in an annular 
zone around the pile, and leads to imperfect contact at the pile-soil interface. This effect 
is not accounted for in the linear approach. Ignoring soil remoulding in the analysis leads 
to overestimating the resonant frequency and damping and underestimating the resonant 
amplitude. With the passage of time, the soil regains its strength and eventually the 
expected behaviour matches that determined considering the linear 
(undisturbed/unremoulded) soil conditions. 
The remoulding occurred around the helical piles is believed to be highly 
significant. This is attributed to the nature of the structured silty clay/clayey silt soils 
encountered in the test site. The installation disturbance destroyed the cohesion between 
the soil particles, which may require long time to be re-established. Similar effects are 
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expected to occur for the driven piles due to the soil remoulding associated with the 
driving process. O’Neill (2001) recommended that the capacity of driven piles in silty 
clay and clayey silt be reduced by 50% because of the installation effects. He theorized 
that due to the propagation of stress waves during pile driving, the pile shaft vibrates, 
pushing the soil away from the shaft and thus reducing the contact surface (imperfect 
bonding between pile and soil).  This level of disturbance is not expected to occur in 
sandy soils or purely cohesive soils. Consequently, the linear analysis may not be 
appropriate to predict the vertical vibration response of helical and driven piles installed 
in silty clay and clayey silt tills right after installation. 
 
5.6.1.2 Horizontal vibration 
In the linear analysis, perfect bonding between pile and soil is assumed and no weak zone 
is considered around the piles. The properties of soil and pile used in this analysis are the 
same as in case of linear analysis of vertical vibration. Comparison of experimental 
results of piles LS12 and LD12 tested under 29 and 59 plate test body and piles DS1 and 
DL1 tested under 59 plate test body with the theoretical predictions are shown in Figs. 
5.31 to 5.33 and are summarized in Tables 5.8 and 5.9. The figures show that the 
agreement between the measured and estimated results is very poor, as the linear model 
overestimated the resonant frequencies and underestimated the resonant amplitudes.  The 
theoretical resonant frequencies are higher than the measured values by an average of 130 
and 160% for piles LS12 and LD12 with 29 plate test body, 175 and 205% for the same 
piles but with 59 plate test body, and 200 and 225% for piles DS1 and DL1 with 59 plate 
test body, respectively. These observations confirm the presence of a weakened zone 
around the pile due to the installation process. Consequently, the linear analysis is not 
considered suitable for the prediction of the horizontal vibration response of helical and 
driven piles. 
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Figure 5.27. Experimental versus linear analysis vertical response curves (49 plate test 
body) for: a) SS11; b) SD11; c) SD21; and d) SD31  
 
 
 
 
 
Chapter5 
 
151 
Frequency (Hz)
0 10 20 30 40 50 60 70
Ve
rt
ic
al
 
v
ib
ra
tin
 
am
pl
itu
de
 
(m
m
)
0.0
0.1
0.2
0.3
0.4
0.5
0.21 kg.m 
0.18 kg.m
0.16 kg.m
0.12 kg.m
0.091 kg.m
Linear analysis
Excitation intensity
Frequency (Hz)
0 10 20 30 40 50 60 70
Ve
rt
ic
a
l v
ib
ra
tin
 
a
m
pl
itu
de
 
(m
m
)
0.0
0.1
0.2
0.3
0.4
0.5
0.21 kg.m 
0.18 kg.m
0.16 kg.m
0.12 kg.m
0.091 kg.m
Linear analysis
Excitation intensity
 
 
a)                                                                     b) 
 
 
 
 
Frequency (Hz)
0 10 20 30 40 50 60 70
Ve
rt
ic
al
 
v
ib
ra
tin
 
am
pl
itu
de
 
(m
m
)
0.0
0.1
0.2
0.3
0.4
0.5
0.21 kg.m 
0.18 kg.m
0.16 kg.m
0.12 kg.m
0.091 kg.m
Linear analysis
Excitation intensity
Frequency (Hz)
0 10 20 30 40 50 60 70
Ve
rt
ic
al
 
v
ib
ra
tin
 
am
pl
itu
de
 
(m
m
)
0.0
0.1
0.2
0.3
0.4
0.5
0.21 kg.m 
0.18 kg.m
0.16 kg.m
0.12 kg.m
0.091 kg.m
Linear analysis
Excitation intensity
 
 
c)                                                                     d) 
 
 
 
 
Figure 5.28. Experimental versus linear analysis vertical response curves (59 plate test 
body) for: a) LS11; b) LD11; c) LD21; and d) LD31  
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Figure 5.29. Experimental versus linear analysis vertical response curves (59 plate test 
body) for: a) LS12; and b) LD12  
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Figure 5.30. Experimental versus linear analysis vertical response curves (59 plate test 
body) for: a) DS1; and b) DL1  
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Figure 5.31. Experimental versus linear analysis horizontal response curves (29 plate test 
body) for: a) LS12; and b) LD12  
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Figure 5.32. Experimental versus linear analysis horizontal response curves (59 plate test 
body) for: a) LS12; and b) LD12  
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Figure 5.33. Experimental versus linear analysis horizontal response curves (59 plate test 
body) for: a) DS1; and b) DL1  
 
 
5.6.2 Comparison with Nonlinear Analysis  
Randolph et al. (1979) concluded that the zone of soil remoulding around driven piles 
installed in clayey soils extended 1 to 2 times pile radius due to changes in the state of 
stresses and pore pressure. For helical piles, it is expected that the zone of remoulded 
clayey soil would be slightly larger than the helix diameter. Therefore, the nonlinear 
analysis is adopted to account for radial soil inhomogeniety resulting from soil 
remoulding around the pile. A constant ratio of weak zone thickness to pile shaft radius, 
tm/R = 1.2 is assumed for both helical and driven piles. On the other hand, the properties 
of the soil medium surrounding the weak zone are similar to those given in the linear 
approach. 
 
5.6.2.1 Vertical vibration 
The soil parameters in the weak boundary zone (especially the most influential 
parameters, Gm/Go and Dm) were obtained through a thorough inverse analysis technique 
in order to achieve a reasonable match between the estimated and measured response 
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curves. The characteristics of the weak zone parameters for different excitation intensities 
are given in Figs 5.34 to 5.37 and Table 5.3. The weak zone’s Poisson’s ratio, νm, is taken 
as 0.3 and is assumed to be constant with depth.   
It is clearly noted from Figs. 5.34 to 5.37 that as the excitation intensity increased, 
the shear modulus ratio, Gm/Go, decreased whereas the material damping ratio, Dm, 
increased. This can be noted in cases of piles SS11, SD31, LD31, LS12, and LD12, 
where slight to moderate soil nonlinearity was recorded. The ratio of Gm/Go is assumed to 
increase with depth, but Dm decreases with depth (i.e. the soil nonlinearity is less for 
deeper soils). The elapsed time of nine months between the dynamic test of helical piles 
under the first and second phases had significant effect on stiffening the properties of the 
weak zone. Inspecting Figs. 5.35a, b and 5.36a, b, it is noted that Gm/Go ratio increased 
from the first to second round of dynamic testing by 50 to 265% for LS1 and by 100 to 
345% for LD1, depending on the excitation intensity. Thus, the soil is expected to 
continue to regain stiffness and eventually the pile stiffness (and response) will approach 
the values predicted by the linear analysis.  
Since the level of applied excitation was slight to moderate, it was considered that 
the pile separation adopted in the analysis was developed mainly during the installation. 
However, obtaining reliable values for pile-soil separation by physical measurements at 
ground surface was difficult.  A trial-and-error technique was employed in the analysis 
and different separation values, l, were adopted until reaching the optimum. A ratio of 
Gm/Go = 0 was assigned for the top most layer to account for the pile-soil separation in 
the analysis. The estimated depth of separation ranges between 0.46d (0.15 m) and 1.08d 
(0.35 m) for the test piles, for the adopted excitation intensities.  
The calculated vertical dynamic responses of the test piles using the nonlinear 
analysis as explained above are plotted versus the experimental results in Figs. 5.38 to 
5.41. It is observed that there is a favourable agreement between the measured and 
calculated responses using the nonlinear approach. It can be concluded that it is necessary 
to incorporate the weak boundary zone and pile-soil separation in the model in order to 
better predict the real vertical vibration performance of helical and driven piles by 
including resonant frequencies, amplitudes, and damping. A comparison between the 
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measured and calculated results using both linear and nonlinear analyses is given in 
Tables 5.4, 5.5, and 5.7.  
 
 
Table 5.3. Nonlinear analysis parameters for vertical vibration 
 
me.e 
(kg.m) 
l    
(m) MPF DSF 
l    
(m) MPF DSF 
l    
(m) MPF DSF 
l    
(m) MPF DSF 
 Helical-SS11 Helical-SD11 Helical-SD21 Helical-SD31 
0.091 0.20 0.25 1.00 0.20 0.25 2.00 0.20 0.25 1.70 0.20 0.25 1.90 
0.12 0.25 0.25 1.00 0.25 0.25 2.00 0.20 0.25 1.60 0.20 0.25 1.90 
0.16 0.25 0.25 1.00 0.25 0.25 2.00 0.20 0.25 1.55 0.25 0.25 1.85 
0.18 0.30 0.25 1.00 0.25 0.25 2.00 0.20 0.25 1.53 0.25 0.25 1.85 
0.21 0.35 0.25 1.00 0.25 0.25 2.00 0.20 0.25 1.53 0.30 0.25 1.80 
 Helical-LS11 Helical-LD11 Helical-LD21 Helical-LD31 
0.091 0.20 0.25 1.00 0.20 0.25 1.55 0.20 1.00 0.25 0.20 0.25 1.00 
0.12 0.25 0.25 1.00 0.20 0.25 1.50 0.20 1.00 0.25 0.25 0.25 1.00 
0.16 0.30 0.25 1.00 0.20 0.25 1.50 0.20 1.00 0.25 0.30 0.25 1.00 
0.18 0.30 0.25 1.00 0.25 0.25 1.45 0.3 1.00 0.25 0.30 0.25 1.00 
0.21 0.30 0.25 1.00 0.30 0.25 1.45 0.3 1.00 0.25 0.35 0.25 1.00 
 Helical-LS12 Helical-LD12 Driven-DS1 Driven-DL1 
0.091 0.15 0.25 1.00 0.15 0.60 1.00 0.20 0.25 1.00 0.30 0.25 1.00 
0.12 0.15 0.25 1.00 0.15 0.60 1.00 - - - - - - 
0.16 0.20 0.25 1.00 0.2 0.55 1.00 0.30 0.25 1.00 0.30 0.25 1.00 
0.18 0.20 0.25 1.00 0.25 0.40 1.00 - - - - - - 
0.21 0.25 0.25 1.00 0.3 0.35 1.00 0.30 0.25 1.00 0.30 0.25 1.00 
Note: l, pile-soil separation length; MPF, mass participation factor; DSF, damping safety factor. 
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Figure 5.34. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (vertical-49 plate test body) for: a) SS11; b) SD11; c) SD21; and d) SD31  
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Figure 5.35. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (vertical-59 plate test body) for: a) LS11; b) LD11; c) LD21; and d) LD31  
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Figure 5.36. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (vertical-59 plate test body) for: a) LS12; and b) LD12  
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Figure 5.37. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (vertical-59 plate test body) for: a) DS1; and b) DL1  
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Figure 5.38. Experimental versus nonlinear analysis vertical response curves (49 plate 
test body) for: a) SS11; b) SD11; c) SD21; and d) SD31  
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Figure 5.39. Experimental versus nonlinear analysis vertical response curves (59 plate 
test body) for: a) LS11; b) LD11; c) LD21; and d) LD31  
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Figure 5.40. Experimental versus nonlinear analysis vertical response curves (59 plate 
test body) for: a) LS12; and b) LD12 
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Figure 5.41. Experimental versus nonlinear analysis vertical response curves (59 plate 
test body) for: a) DS1; and b) DL1  
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Table 5.4. Experimental and theoretical vertical vibration response 
for 6.0 m helical piles and 49 plate test body 
 
 SS11 SD11 SD21 SD31 
me.e 
(kg.m) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
 Experimental results 
0.091 34.8 0.118 35.0 0.190 36.0 0.157 36.0 0.178 
0.12 34.0 0.140 34.0 0.232 36.0 0.199 36.0 0.230 
0.16 34.0 0.188 34.0 0.299 36.0 0.263 35.0 0.300 
0.18 33.0 0.215 34.0 0.352 36.0 0.286 34.7 0.340 
0.21 32.0 0.243 34.0 0.393 36.0 0.335 34.0 0.396 
 Linear analysis 
0.091 58.3 0.051 58.3 0.052 58.3 0.053 58.5 0.053 
0.12 58.3 0.068 58.3 0.069 58.3 0.070 58.5 0.070 
0.16 58.3 0.099 58.3 0.093 58.3 0.094 58.5 0.094 
0.18 58.3 0.103 58.3 0.105 58.3 0.105 58.5 0.105 
0.21 58.3 0.120 58.3 0.122 58.3 0.123 58.5 0.123 
 Nonlinear analysis 
0.091 35.3 0.105 35.1 0.177 36.1 0.149 36.1 0.167 
0.12 34.4 0.141 34.3 0.227 35.9 0.188 36.0 0.223 
0.16 33.9 0.189 34.1 0.308 35.8 0.241 35.3 0.289 
0.18 33.3 0.206 33.9 0.345 35.8 0.265 34.7 0.322 
0.21 32.5 0.243 33.9 0.398 35.8 0.310 34.1 0.363 
                    Note: me.e, excitation intensity; fres, resonant frequency; Vres, resonant amplitude. 
 
 
Table 5.5. Experimental and theoretical vertical vibration response for 
driven piles and 59 plate test body 
 
 DS1 DL1 
me.e 
(kg.m) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
 Experimental results 
0.091 34.8 0.118 35.0 0.190 
0.16 34.0 0.188 34.0 0.299 
0.21 32.0 0.243 34.0 0.393 
 Linear analysis 
0.091 58.3 0.051 58.3 0.052 
0.16 58.3 0.099 58.3 0.093 
0.21 58.3 0.120 58.3 0.122 
 Nonlinear analysis 
0.091 35.3 0.105 35.1 0.177 
0.16 33.9 0.189 34.1 0.308 
0.21 32.5 0.243 33.9 0.398 
                                                Note: me.e, excitation intensity; fres, resonant 
frequency; Vres, resonant amplitude. 
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5.6.2.2 Horizontal vibration 
The partial separation between test piles and the surficial soil layer is allowed in the 
analysis of horizontal vibration as it has been done in the case of vertical vibration. The 
pile-soil separation in case of horizontal vibration can occur because of the lack of 
confining pressures in the surficial soil layer. The properties of the soil weak zone around 
piles are given in Figs. 5.42 to 5.44 and Table 5.6. The weak zone’s Poisson’s ratio, νm, is 
taken as 0.3 and tm/R is presumed constant with depth, with a value of 1.2 for both helical 
and driven piles. Based on the trial-and-error technique, the estimated depth of 
separation, l, ranges between 3.08d (1.0 m) and 4.17d (1.35 m) for the test piles, for the 
adopted excitation intensities and test body masses.  
 The calculated response curves are compared with the measured response curves 
in Figs. 5.45 to 5.47 and Tables 5.8 and 5.9. It can be noted from these figures that the 
calculated resonant frequencies and amplitudes for helical and driven piles agree quite 
well with the measured results. Finally, Table 5.9 compares the measured horizontal 
response characteristics of the driven piles with the calculated responses using both linear 
and nonlinear analyses. It is clear that the nonlinear analysis predicts the response more 
accurately. 
 
Table 5.6. Nonlinear analysis parameters for  horizontal vibration 
 
me.e 
(kg.m) 
l 
(m) MPF DSF 
l 
(m) MPF DSF 
 LS12 - 29 plates LD12 – 29 plates 
0.091 1.10 0.25 1.00 1.20 0.60 1.00 
0.12 1.10 0.25 1.00 1.20 0.60 1.00 
0.16 1.10 0.25 1.00 1.20 0.55 1.00 
0.18 1.10 0.25 1.00 1.20 0.40 1.00 
0.21 1.10 0.25 1.00 1.20 0.35 1.00 
 LS12 – 59 plates LD12 – 59 plates 
0.091 1.00 0.25 1.10 1.20 0.60 1.00 
0.12 1.00 0.25 1.10 1.25 0.60 1.00 
0.16 1.10 0.25 1.10 1.25 0.55 1.10 
0.18 1.15 0.25 1.10 1.30 0.40 1.10 
0.21 1.15 0.25 1.10 1.30 0.35 1.10 
 DS1 – 59 plates DL1 – 59 plates 
0.091 1.10 0.25 1.00 1.10 0.25 1.00 
0.16 1.15 0.25 1.00 1.20 0.25 1.00 
0.21 1.15 0.25 1.00 1.25 0.25 1.00 
Note: l, pile-soil separation length; MPF, mass participation factor; DSF, 
damping safety factor. 
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Figure 5.42. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (horizontal-29 plate test body) for: a) LS12; and b) LD12  
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Figure 5.43. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (horizontal-59 plate test body) for: a) LS12; and b) LD12  
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Figure 5.44. Distribution of weak zone shear modulus ratio, Gm/Go, and damping ratio, 
Dm, (horizontal-59 plate test body) for: a) DS1; and b) DL1  
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Figure 5.45. Experimental versus nonlinear analysis horizontal response curves (29 plate 
test body) for: a) LS12; and b) LD12  
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Figure 5.46. Experimental versus nonlinear analysis horizontal response curves (59 plate 
test body) for: a) LS12; and b) LD12  
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Figure 5.47. Experimental versus nonlinear analysis horizontal response curves (59 plate 
test body) for: a) DS1; and b) DL1  
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Table 5.7. Experimental and theoretical vertical vibration response for 9.0 m helical piles and 59 plate test body 
 
 Tested two weeks after installation Tested nine months after installation 
 LS11 LD11 LD21 LD31 LS12 LD12 LD22 LD32 
me.e 
(kg.m) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
 Experimental results 
0.091 32.0 0.148 30.0 0.208 34 0.124 39.0 0.113 38.0 0.132 38.0 0.092 33.0 0.129 32.0 0.136 
0.12 30.9 0.187 30.0 0.264 34 0.143 38.0 0.140 38.0 0.170 37.0 0.134 32.5 0.161 31.0 0.158 
0.16 30.0 0.266 30.0 0.331 34 0.217 36.9 0.188 37.0 0.240 36.0 0.211 32.0 0.200 30.0 0.221 
0.18 30.0 0.291 30.0 0.352 32 0.246 36.8 0.215 36.6 0.271 35.0 0.248 32.0 0.211 28.0 0.255 
0.21 30.0 0.321 30.0 0.400 32 0.282 36.0 0.243 36.0 0.317 35.0 0.310 31.0 0.242 28.0 0.731 
 Linear analysis 
0.091 52.2 0.050 52.2 0.051 52.3 0.051 52.3 0.051 52.2 0.050 52.2 0.051 - - - - 
0.12 52.2 0.066 52.2 0.067 52.3 0.068 52.3 0.068 52.2 0.066 52.2 0.067 - - - - 
0.16 52.2 0.088 52.2 0.090 52.3 0.091 52.3 0.091 52.2 0.088 52.2 0.090 - - - - 
0.18 52.2 0.099 52.2 0.101 52.3 0.102 52.3 0.102 52.2 0.099 52.2 0.101 - - - - 
0.21 52.2 0.117 52.2 0.118 52.3 0.120 52.3 0.120 52.2 0.167 52.2 0.118 - - - - 
 Nonlinear analysis 
0.091 32.3 0.139 30.9 0.192 34.3 0.124 38.9 0.116 38.1 0.128 38.0 0.104 - - - - 
0.12 31.3 0.177 30.8 0.244 34.3 0.165 38.3 0.155 38.1 0.171 37.2 0.141 - - - - 
0.16 30.3 0.231 30.5 0.319 34.3 0.220 37.2 0.205 37.0 0.235 36.2 0.200 - - - - 
0.18 30.3 0.259 30.4 0.353 32.3 0.237 37.2 0.230 36.6 0.265 35.4 0.248 - - - - 
0.21 30.3 0.303 30.0 0.397 32.3 0.275 36.3 0.264 36.0 0.371 35.1 0.300 - - - - 
Note: me.e, excitation intensity; fres, resonant frequency; Vres, resonant amplitude. 
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Table 5.8. Experimental and theoretical horizontal vibration response for 9.0 m helical piles tested nine months after installation 
 
 29 plate test body 59 plate test body 
 LS12 LD12 LD22 LD32 LS12 LD12 LD22 LD32 
me.e 
(kg.m) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
fres  
(Hz) 
Vres 
(mm) 
 Experimental results 
0.091 6.67 0.579 6.00 0.689 6.95 0.983 6.25 0.896 3.90 0.420 3.67 0.487 4.15 0.593 3.58 0.549 
0.12 6.75 0.871 5.75 0.860 6.92 1.062 6.10 1.074 3.90 0.685 3.50 0.677 4.07 0.710 3.68 0.696 
0.16 6.50 1.430 5.77 0.988 6.70 1.640 6.05 1.477 3.88 0.935 3.50 0.990 3.88 1.020 3.60 1.194 
0.18 6.43 1.560 5.75 1.147 6.60 1.720 6.00 1.551 3.83 1.050 3.45 1.100 3.82 1.100 3.58 1.251 
0.21 6.42 1.780 5.67 1.228 6.55 1.870 5.92 1.713 3.80 1.145 3.43 1.160 3.75 1.190 3.52 1.395 
 Linear analysis 
0.091 15.0 0.225 15.0 0.225 - - - - 10.70 0.149 10.70 0.149 - - - - 
0.12 15.0 0.297 15.0 0.297 - - - - 10.70 0.197 10.70 0.197 - - - - 
0.16 15.0 0.396 15.0 0.396 - - - - 10.70 0.263 10.70 0.263 - - - - 
0.18 15.0 0.445 15.0 0.445 - - - - 10.70 0.295 10.70 0.295 - - - - 
0.21 15.0 0.520 15.0 0.520 - - - - 10.70 0.345 10.70 0.345 - - - - 
 Nonlinear analysis 
0.091 5.50 0.677 5.3 0.788 - - - - 4.10 0.416 3.8 0.431 - - - - 
0.12 5.50 0.892 5.3 0.828 - - - - 4.10 0.600 3.7 0.582 - - - - 
0.16 5.40 1.126 5.3 1.105 - - - - 3.90 0.827 3.7 0.849 - - - - 
0.18 5.40 1.267 5.3 1.249 - - - - 3.80 0.908 3.6 0.980 - - - - 
0.21 5.40 1.572 5.3 1.459 - - - - 3.80 1.060 3.6 1.144 - - - - 
Note: me.e, excitation intensity; fres, resonant frequency; Vres, resonant amplitude. 
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Table 5.9. Experimental and theoretical horizontal vibration response 
for driven piles and 59 plate test body 
 
 DS1 DL1 
me.e 
(kg.m) 
fres  
(Hz) 
Hres 
(mm) 
fres  
(Hz) 
Hres 
(mm) 
 Experimental results 
0.091 3.62 0.587 3.57 0.352 
0.16 3.67 0.672 3.27 0.494 
0.21 3.45 1.138 3.08 0.886 
 Linear analysis 
0.091 10.7 0.148 10.7 0.148 
0.16 10.7 0.263 10.7 0.263 
0.21 10.7 0.345 10.7 0.345 
 Nonlinear analysis 
0.091 3.60 0.404 3.60 0.357 
0.16 3.50 0.730 3.40 0.576 
0.21 3.50 0.958 3.20 0.793 
                                                Note: me.e, excitation intensity; fres, resonant 
frequency; Vres, resonant amplitude. 
 
 
5.6.3 Load Transfer Mechanism  
The distribution of the dynamic load along helical piles during the vertical vibration tests 
was evaluated from the strain measurements recorded at different strain gauge stations 
along the piles. The distribution of these loads represents the load transfer to the soil, and 
helps understand the behaviour of helical piles under dynamic loads. It should be noted 
that the driven piles were not strain gauged.  
Figures 5.48 to 5.50, illustrate the distribution of the vertical dynamic load with 
depth for both helical and driven piles. The figures demonstrate clearly that the dynamic 
load was transferred to surrounding soil through shaft resistance, with insignificant 
influence from the helices. Also, it is observed that most of the dynamic load in the 9.0 m 
helical piles (75% of the load) has been transferred along the upper 6.0 m of the shaft, 
which can be considered as the effective length of the tested 9.0 m piles. In case of 6.0 m 
helical piles (piles SS11, SD11, SD21, and SD31), about 78.0, 73.0, 77.5, and 84.0% of 
the dynamic load has been transferred through the shaft while the rest has been resisted 
by end bearing at the pile toe.  
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The nonlinear model established using DYNA 6 was employed to calculate the 
distribution of dynamic load along the helical and driven piles. A comparison between 
the measured and calculated distribution of the dynamic load along the helical piles is 
illustrated in Figs. 5.48 to 5.50, while Figs. 5.50c and 5.50d present the calculated 
distribution in the driven piles. In most cases, there are favourable match between the 
measured and the calculated curves except near the lower part of the helical piles as the 
nonlinear approach overestimates the load values in piles. This can be ascribed to the fact 
that the nonlinear approach assumes full mobilization of soil reactions along the pile shaft 
and at the pile toe. Thus, the idealized helix at the pile toe, in the nonlinear model, directs 
a portion of the dynamic load to be transferred to soil by end bearing. 
The readings of the strain gauges at attached to the pile shafts have been utilized 
to obtain the distribution of bending moments along the shaft during the horizontal 
vibration tests. As an example, Fig. 5.51 depicts the case of horizontal vibration of pile 
LS12 using 29 plate test body. The distribution of bending moment along pile suggests 
that the soil along the top 10 pile diameters (top 3 m) governed the behaviour of the pile 
in the horizontal direction, as it is the case with other conventional pile configurations. 
The distribution of bending moment along the pile also suggests the existence of the 
cantilever effect because of the protruded length of the pile (0.6 m) above the ground 
surface.   
 
5.6.4 Pile Stiffness and Damping  
The vertical and horizontal impedances (stiffness and damping) of test piles were 
calculated based on the linear and nonlinear approaches using the program DYNA 6.  
 
5.6.4.1 Vertical vibration 
The calculated vertical stiffness and damping parameters from the linear and nonlinear 
analyses for piles LS11, LD11, LS12, LD12, DS1, and DL1 are shown in Figs. 5.52 to 
5.54. The figures show that the linear approach highly overestimates both the stiffness 
and damping of piles, and as expected, same stiffness and damping characteristics for 
different excitation intensities. It is worth noting that the damping coefficient of piles 
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increases as the frequency approaches zero, as a result of converting the soil material 
damping to the frequency-dependent equivalent viscous damping coefficient, c.  
The figures also show that, in general, the stiffness calculated using the nonlinear 
analysis decreased as the excitation intensity increased for cases with slight to moderate 
nonlinearity in response; however, for piles with linear response, stiffness remained 
almost constant over the range of applied excitation.  Furthermore, it is noted that the 
damping coefficient decreased with the increase of excitation intensity. Although, this is 
opposing to the usual trend, but it is a consequence of pile-soil separation as the 
excitation intensity increased, which resulted in reducing the geometrical damping of the 
system. Comparing cases LS11 and LS12 and cases LD11 and LD12, it is observed that 
the average increases in stiffness and damping from LS11 to LS12 are about 43.5% and 
25.5%, respectively, and about 42% and 90% from LD11 to LD12 as a result of stiffening 
the soil properties in the weak zone with elapsed time after pile installation.   
 
5.6.4.2 Horizontal vibration 
The horizontal stiffness and damping of helical piles and driven piles computed by the 
linear and nonlinear analyses are shown in Figs. 5.55 and 5.56 for LD12 and DL11. It is 
noted that the linear approach estimates higher values of stiffness and damping of piles 
compared to the nonlinear approach. The stiffness and damping values obtained from the 
linear analysis do not vary with the excitation intensity, and a single curve was obtained 
for both stiffness and damping.  It is also noted that the predicted stiffness values from 
the nonlinear analysis are not very sensitive to the magnitude of frequency, especially at 
low frequencies where stiffness approached the static one. On the other hand, the 
stiffness decreased to negative values at higher frequencies. Also, the piles stiffness and 
damping parameters remain almost constant over the range of applied excitation 
intensities. This is attributed the slight nonlinearity. Furthermore, the damping coefficient 
increased as the frequency approached zero because of using the frequency-dependent 
equivalent viscous damping coefficient as explained previously.  
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5.6.5 Separation between Pile and Soil  
The separation length between the pile and soil depends on the vibration amplitude of the 
pile and the soil properties. Han and Novak (1988) and Vaziri and Han (1991) provided 
empirical curves that relate pile separation length to vibration amplitude. In the current 
study, a trial-and-error technique was adopted in order to provide a reasonable estimate 
for the large-diameter helical piles and driven piles separation length for vertical and 
horizontal modes of vibration as a function of the vibration amplitude.    
Two sets of plots of separation length versus maximum vibration amplitude are 
provided in Figs. 5.57a and 5.57b for vertical vibration and horizontal vibration, 
respectively. It is worth mentioning that the large diameter of the tested helical and 
driven piles made it quite difficult to produce vibrations of sufficient magnitude to 
develop large nonlinearity. Best-fit curves through the data points associated with the 
current site soils are drawn in Fig. 5.57. These curves can be mathematically expressed 
by the following formulations: 
 
Vertical:           2811221490 .
d
Vln.
d
l
+




=       for  00120000530 .
d
V
.
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
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where, l/d is the pile separation to diameter ratio; and Vmax and Umax are the maximum 
vertical and horizontal vibration amplitudes, respectively.  
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Figure 5.48. Experimental versus nonlinear analysis dynamic load in piles: a) SS11; b) 
SD11; c) SD21; and d) SD31 
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Figure 5.49. Experimental versus nonlinear analysis dynamic load in piles: a) LS11; b) 
LD11; c) LD21; and d) LD31 
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Figure 5.50. Experimental versus nonlinear analysis dynamic load in piles: a) LS12; and 
b) LD12, and nonlinear analysis dynamic load in piles: c) DS1; and d) DL1 
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Figure 5.51. Experimental bending moment distribution in pile LS12 (29 plate test body) 
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Figure 5.52. Nonlinear versus linear vertical impedances for: a) LS11; and b) LD11 
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Figure 5.53. Nonlinear versus linear vertical impedances for: a) LS12; and b) LD12 
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Figure 5.54. Nonlinear versus linear vertical impedances for: a) DS1; and b) DL1 
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Figure 5.55. Nonlinear versus linear horizontal impedances for pile LD12 (59 plate test 
body) 
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Figure 5.56. Nonlinear versus linear horizontal impedances for pile DL1 (59 plate test 
body) 
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a)                                                                       b) 
 
Figure 5.57. Theoretical relationships between pile separation and maximum vibration 
amplitude: a) vertical vibration; and b) horizontal vibration 
 
 
5.6 SUMMARY AND CONCLUSIONS 
This study investigated the in-situ dynamic performance of ten full-scale large-capacity 
helical and driven piles. The experimental results were used to verify the applicability of 
the plane strain theoretical formulations to the prediction of stiffness and damping of 
helical piles, and to evaluate their response to harmonic loading.  Also, the effects of 
remoulding and thixotropic behaviour of soil around the helical piles on the dynamic 
response as well as the dynamic load transfer mechanism were investigated. The field 
tests included closed-ended single and double helix helical piles of 6.0 and 9.0 m length, 
0.324 m shaft diameter, and 0.61 m helix diameter, as well as closed-ended driven steel-
pipe piles with same length and diameter. The piles were installed in typical Alberta, 
Canada soils. Several tests with different excitation intensities were performed. The 9.0 
m helical piles were tested twice: once after two weeks from installation, and another 
after nine months. The driven piles were tested two weeks after installation. In total, 176 
tests including vertical and horizontal harmonic vibration and free vibration tests were 
conducted. Two different theoretical analyses were conducted based on the continuum 
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approach, namely: linear and nonlinear analyses, incorporated in the program DYNA 6. 
The analytical solutions were used to calculate the dynamic characteristics and response 
curves of the piles considered in the experimental program. The nonlinear analysis 
accounted for the weak boundary zone and pile-soil separation. Based on the 
experimental and analytical results obtained in this study, the following conclusions can 
be drawn: 
1. The dynamic load test setup and testing procedure allowed for successful evaluation 
of the dynamic behaviour of the test piles. 
2. The consistency of the measured test data sets confirmed the accuracy of the 
measured data and the suitability of the interpretation procedure.  
3. The measured response curves showed slight to moderate nonlinearity in the helical 
piles response, which was manifested by a reduction in the resonant frequency with 
increasing the excitation intensity.  
4. The measured responses of the driven piles were very close to those of the helical 
piles tested two weeks after installation. This demonstrates that the performance 
characteristics of large-capacity helical piles are similar to those of steel driven piles 
for the piles geometry considered in this study.  
5. The effect of the test body mass was investigated in horizontal vibration and it was 
observed that both the resonant frequency and amplitude decreased as the test body 
mass increased. 
6. The field measurements of the vertical dynamic load distribution along the helical 
piles showed insignificant influence of the helices on the load transfer mechanism 
and that the dynamic load was transferred to surrounding soil medium mainly 
through the interface resistance between pile shaft and soil. 
7. The theoretical analysis based on the linear approach overestimated both the stiffness 
and damping of piles due to the assumed perfect bonding between pile and soil.  
8. The theoretical analysis based on the nonlinear approach provided a reasonable 
estimation for piles’ response curves and impedance parameters.  Such agreement, 
achieved by considering a weak boundary zone around the pile, confirmed the 
influence of soil remoulding, due to pile installation process, on the dynamic 
response of helical and driven piles. 
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9. The nonlinear approach predicted an average increase in stiffness by about 43.0% 
and damping by about 25.5 to 90.0% of the helical piles, along nine months, 
confirming that the stiffness of weak zone soil improved with elapsed time after pile 
installation.  
10. The pile-soil separation length obtained using the nonlinear approach for the helical 
and driven piles depended on the excitation intensity and was different for vertical 
and horizontal vibrations. The separation length varied between 0.46 and 1.08 times 
the shaft diameter for vertical vibration, and between 3.08 and 4.17 times the shaft 
diameter for horizontal vibration, under the adopted levels of dynamic excitation. In 
addition, empirical relationships have been provided to estimate the pile-soil 
separation as a function of the maximum vibration amplitude. 
11. The close agreement between the measured and calculated response curves validated 
the ability of existing tools to predict the dynamic behaviour of helical piles. This 
will undoubtedly increase the confidence of design engineers to consider helical piles 
as a design option for applications involving dynamic loads.  
 
It should be noted that these conclusions are based on pile vertical and horizontal 
dynamic tests on helical piles with large shaft diameter. It should also be noted that the 
experimental results are relevant to soils encountered at the test site and must be used 
with caution when applied elsewhere. 
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CHAPTER SIX 
AXIAL COMPRESSIVE PILE LOAD TESTING AND ANALYSIS 
 
 
 
 
6.1 INTRODUCTION 
Helical piles are usually designed following the manufacture’s recommendations, the 
contractor’s experience in similar soil conditions, and/or the general guidelines governing 
the performance of piles and helical anchors. As a result of uncertainties associated with 
these design practices and the lack of specific design guidelines for helical piles, full-
scale field static load tests are often conducted to verify their load carrying capacity. In 
this study, static field axial compression load tests were conducted on six large-capacity 
helical piles and two driven piles installed at the test site near Ponoka, Alberta. The piles 
were tested twice: two one week after installation and another nine months after 
installation. The field load test setup and procedures are introduced in Chapter 3. The 
results of load tests are evaluated and interpreted to understand the behaviour of helical 
piles under axial loading. In addition, the effect of pile installation on the soil strength is 
evaluated in order to characterize the degree of shear strength degradation. The ultimate 
capacities of the piles are evaluated from the load-settlement curves using the available 
interpretation methods and an ultimate load criterion for helical piles is proposed. 
 
 
6.2 AXIAL COMPRESSION LOAD TEST RESULTS 
This section presents the results of the axial compressive load tests conducted on six 
helical piles and two driven steel piles. Four helical piles were of length 6.0 m, one of 
them was single-helix pile and three were double-helix piles with different inter-helix 
spacing. The other two helical piles were 9.0 m long, one with a single-helix and one 
with double-helices. One driven pile was 6.0 m long and the other was 9.0 m. The 
different pile configurations are detailed in Table 6.1. The 6.0 m helical piles and the two 
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driven piles were tested two weeks after installation while the 9.0 m helical piles were 
tested nine months after installation as stated in Table 6.2, which provides notations for 
piles that represent the time elapsed from installation to testing.  
 The installation of helical and driven piles is expected to cause large deformations 
within the annular zone surrounding the pile. This would result in some reduction in the 
soil shear strength within this annular zone. The actual degree of strength reduction and 
extent of annular zone are not well defined. It is expected, however, that the soil shear 
strength immediately after installation would be close to the remoulded strength. As the 
time passes after pile installation, it is expected that the soil regains some of its shear 
strength due to thixotropic hardening.  
  
 
Table 6.1. Test piles geometrical properties 
Pile Type 
Length 
(m) 
Shaft 
dia. 
(m) 
Wall 
thick. 
(mm) 
Helix 
dia. 
(m) 
No. of 
helices 
Inter-
helix 
spacing, 
S (m) 
H/D 
ratio 
S/D 
ratio 
SS1 6.0 0.324 9.5 0.61 1 - 8.95 - 
SD1 6.0 0.324 9.5 0.61 2 0.9 7.48 1.5 
SD2 6.0 0.324 9.5 0.61 2 1.8 6.01 3.5 
SD3 
Test pile 
(Helical) 
6.0 0.324 9.5 0.61 2 2.7 4.53 4.5 
LS1 9.0 0.324 9.5 0.61 1 - 13.88 - 
LD1 
Test pile 
(Helical) 
9.0 0.324 9.5 0.61 2 0.9 12.4 1.5 
DS 6.0 0.324 9.5 - - - - - 
DL 
Test pile 
(Driven) 
9.0 0.324 9.5 - - - - - 
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                                     Table 6.2. Pile notations 
Pile code based on test time a 
Pile No. 2 Weeks 9 months 
SS1 SS11  
SD1 SD11  
SD2 SD21  
SD3 SD31  
LS1  LS12 
LD1  LD12 
DS DS1  
DL DL1  
a
 Number 1 at the end of pile code indicates piles 
tested two weeks after installation and number 2 
indicates piles tested 9 months after installation. 
 
 
6.2.1 Load-Settlement Curves   
The compression load tests were carried out following the quick maintained load test 
method recommended by ASTM D1143-07. The load was applied in increments, while 
the pile head settlement was monitored using the linear displacement transducers (LDTs). 
Each load increment was maintained constant for 5.0 min. The applied load and strain 
gauge measurements were recorded during each interval.  
Table 6.3 summarizes the maximum applied load (i.e. load at the end of test) and 
maximum settlement for all tested piles. The maximum applied load ranged from 993.6 
kN for the 6.0 m helical piles tested two weeks after installation to 2552.3 kN for the 9.0 
m helical piles tested nine months after installation. On the other hand, the maximum 
settlement for helical piles varied from 43.5 to 61.2 mm, and between 41.2 and 42.4 mm 
for the driven piles. The measured loads were plotted against the measured pile head 
settlements to produce the load-settlement curves for the tested piles. Figure 6.1 provides 
the load-settlement curves for the 6.0 m helical piles, Figure 6.2 presents the load-
settlement curves for the 9.0 m helical piles, while Figure 6.3 provides the results for the 
two driven piles. These load-settlement curves provided a useful tool to establish the 
ultimate capacities of piles.  
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Table 6.3. Load test data 
 
Pile No. Type Length         (m) 
Maximum 
applied load 
(kN) 
Corresponding 
settlement 
(mm) 
SS11 Helical 6.0 993.6 55.6 
SD11 Helical 6.0 1745.0 43.5 
SD21 Helical 6.0 1672.6 60.1 
SD31 Helical 6.0 1314.4 61.2 
LS12 Helical 9.0 2056.8 61.3 
LD12 Helical 9.0 2552.3 35.3 
DS1 Driven 6.0 810.7 41.2 
DL1 Driven 9.0 840.7 42.4 
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Figure 6.1. Axial compression load test results for the 6.0 m helical piles 
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Figure 6.2. Axial compression load test results for the 9.0 m helical piles 
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Figure 6.3. Axial compression load test results for driven piles 
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Conceptually, the ultimate (or failure) load of a single pile is reached when rapid 
displacements occur under sustained or slightly increased loads. Also, such displacements 
may not be acceptable for design purposes. However, pile load tests do not always exhibit 
a well-defined peak load due to practical limitations on loading equipment and test setup. 
The load-settlement curves obtained from an axial compression test on deep foundations 
can exhibit any of three shapes illustrated in Figure 6.4a. The peak of curve (A) and the 
asymptote of curve (B) define clearly the maximum developed resistance of the pile 
(ultimate load). For the case of curve (C), the ultimate capacity of the pile is not clearly 
defined, which is the condition that drilled foundations most often exhibit. Therefore, 
curve (C) can normally be simplified into three distinct regions (Figure 6.4b): initial 
linear-elastic region with steep slope; transition nonlinear region where the movements 
are largely disproportional to the load increments; and final linear region that shows 
small stiffness behaviour. Point (L1) in Figure 6.4b corresponds to the end of the initial 
linear region and point (L2) represents the onset of the final linear region. Most of the 
ultimate load interpretation methods define the ultimate capacity of piles to fall within the 
transition nonlinear region or rarely within the final linear region. Hirany and Kulhawy 
(2002) stated that creep displacements become significant at loads that lie after the 
transition nonlinear region, which can cause difficulty in maintaining a constant load on 
pile. Consequently, the displacements measured during this loading zone would lead to 
ultimate load that is subjected to error due to the fluctuating applied load. Thus, it is 
desirable to obtain the ultimate load of the pile from the upper limit of the transition 
nonlinear zone and before the onset of the final linear region. 
Several definitions for the ultimate load of piles have been proposed to interpret 
the pile load carrying capacity from its load test data based on mathematical rules for 
different types of piles (Fellenius, 1980). Terzaghi et al. (1996) defined the ultimate load 
as the load at which the pile settlement exceeds 10% of its diameter. This criterion is 
expected to overestimate the capacity of large-diameter piles and some pile types, thus, it 
has been numerously modified. Livneh and El Nagger (2008) defined the ultimate 
compressive capacity of slender square-shaft helical piles with small diameter helices as 
the load associated with settlement equal to 8% of the largest helix diameter plus the 
elastic deformation of the pile. This definition was considered suitable for slender helical 
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piles as helix bearing capacity represents a considerable component of the pile capacity. 
In this study, the ultimate load capacity of the test piles was established using four 
commonly used interpretation methods: Davisson’s method (Davisson, 1973); tangent 
intersection method (Mansur and Kaufman, 1956); O’Neill and Reese (1999) method; 
and Livneh and El Naggar (2008). All these interpretation methods aim at locating the 
ultimate capacity of pile within the transition nonlinear region in order to reach an 
allowable load (design load) that lies in the linear region in order to avoid excessive pile 
settlement. The general procedures of these methods are briefly summarized below. For 
piles that showed plunging failure behaviour, the ultimate load was taken as equal to the 
maximum test load. 
 
Davisson Method (Offset Limit Method): It is a common method for test data 
interpretation and is primarily intended for test results from driven piles tested according 
to quick methods. The failure load is defined as the load corresponding to the movement 
that exceeds the elastic compression of the pile by a value of 4 mm plus a factor equal to 
the pile diameter divided by 120, i.e. 
 
                                                                              
04
120
.
D
A.E
L.QS
p
p ++=                                               (6.1) 
 
Where Sp is the pile head settlement at ultimate load, Q is the applied load; L is the pile 
length (mm); Ep and A are the Young’s modulus and cross sectional area of the pile; and 
D is the pile toe diameter (mm), which equals to helix diameter in case of helical piles 
and shaft diameter in case of driven piles under study. The method was suggested for 
results of quick maintained load tests. 
 
Tangent Intersection Method: In the tangent intersection method, the ultimate load 
capacity is taken as the load associated with the intersection of two tangents to the load-
settlement curve, one represents the elastic range and the other represents the progressive 
settlement. 
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O’Neill and Reese (1999) Method: The method defines the ultimate axial compressive 
capacity of drilled shafts as the load that produces a pile head settlement of 5% of the pile 
toe diameter. The toe diameter is taken equal to the helix diameter in case of helical piles 
and to the shaft diameter in case of the driven piles. 
 
Livneh and El Naggar (2008) Method: The interpretation method is intended for slender 
helical piles. The ultimate load is defined as the load corresponding to the movement that 
exceeds the elastic compression of the pile by a value of 8% of the pile largest helix 
diameter, D. This method was adopted in the current study for interpreting the ultimate 
capacity of helical piles only. 
 
                                                                                  
D.
A.E
L.QS
p
p 080+=   (mm)                                     (6.2) 
  
Inspecting the load-settlement curves in Figs. 6.1 to 6.3, it is noted that the initial 
linear region started from the beginning of the test. The developed load-settlement curves 
of the test piles showed the three distinctive regions (initial linear, transition nonlinear, 
and final linear) within the induced settlements. Generally, the near-linear failure region 
(i.e. near the final linear region) was achieved at a net settlement of greater than 3.5% of 
the pile helix diameter for helical piles (i.e. 0.035D) and 3.5% of the pile shaft diameter 
for driven piles (i.e. 0.035d). 
 Thus, the ultimate (failure) load is defined as the load applied at the pile head 
resulting in total settlement at the pile head equal to 0.035D plus the elastic deflection of 
the pile, i.e.: 
 
      
                                                                      
D.
A.E
L.QS
p
p 0350+=                                                 (6.3) 
 
For driven piles, the helix diameter is replaced with the shaft diameter, d. For 
piles that showed plunging failure, the ultimate load was taken as the maximum test load.  
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The application of proposed ultimate capacity criterion is illustrated on the load-
settlement curves as shown in Figs. 6.5 to 6.12. The 6.0 m helical piles showed a 
noticeable nonlinear transition zone followed by a linear zone with moderate slope (i.e. 
no sign of plunging failure), reflecting the effect of the dense to very dense silty sand 
layer and the clay till soils where the pile toes rested in. The 9.0 m helical pile LS12, 
however, displayed almost plunging failure because of the softer soil at its toe. On the 
other hand, pile LD12 displayed the initial linear and the transition nonlinear regions but 
the final near-failure linear region was not reached due to the limitation of the load test 
setup capacity. However, it experienced a higher curvilinear tendency, which reflected 
the increased bearing resistance from the helix. The driven piles, in general, exhibited a 
more defined ultimate load, and even pile DL1 went through plunging failure.  
The ultimate load capacity of test helical and driven piles was interpreted using 
the aforementioned methods and the proposed criterion in this study (Eq. 6.3) and the 
results are presented in Table 6.4 and Figs. 6.13 to 6.14. As would be expected, 
considerable scatter exists for the load capacity evaluated using different interpretation 
criteria. Table 6.5 summarizes the load capacity ratio for the piles, which is defined as the 
ratio of the difference between load capacity obtained from each of the different ultimate 
load criteria and the present study’s criterion to that established from the present study 
criterion. It is worth noting that the driven pile DL1 showed plunging failure mechanism 
and the ultimate capacity was taken as the maximum test load.  
It was found that Davisson’s and tangent intersection criteria underestimated the 
ultimate capacity of helical piles by about 18.0 to 33.6% and 14.2 to 42.7%, respectively. 
However, the difference decreased for the 9.0 m helical pile, LS12, and the driven pile 
DS1 (these piles have a more defined ultimate load). The O’Neill and Reese criterion 
overestimated the ultimate capacity by about 6 to 11% for the 6.0 m helical piles with 
lesser difference for the driven pile, DS1, but for the case of 9.0 m helical piles, it gave 
the same capacity as that estimated by the proposed criterion. On the other hand, the 
criterion proposed by Livneh and El Naggar (2008) for slender helical piles highly 
overestimated the ultimate capacities of the test helical piles by about 18 to 44%, but the 
difference was only 5.4% for LS12. Furthermore, the Livneh and El Naggar criterion 
exceeded the maximum load reached at the end of load test of piles SD11 and LD12. It 
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can be concluded that Davisson, tangent intersection, Livneh and El Naggar criteria are 
not suitable to estimate the ultimate compressive capacity of large diameter helical piles, 
especially those with helices resting in very stiff to hard soils.  
As presented in Table 6.4, the ultimate capacity for the 6.0 m helical piles varied 
between 845 and 1331 kN, while the capacity of the 6.0 m driven pile was 720 kN. 
Similarly, the capacity of the 9.0 m helical piles varied between 1952 and 2477 kN, while 
the capacity of the 9.0 m driven pile was 840 kN. These results clearly show that the 
capacity of the helical piles is 20% to more than 100% higher than the driven piles with 
the same length and cross-section properties. 
Figures 6.15 to 6.17 depict the applied load normalized by the ultimate capacity 
and the settlement normalized by the helix diameter, D, for helical piles and by the shaft 
diameter, d, for driven piles. It can be seen from Fig. 6.15 and the capacity values of the 
6.0 m helical piles that the silty sand layer existed at the elevation of the pile toe had an 
effect on the pile behaviour and capacity. The site investigation program showed that the 
silty sand layer varies in thickness along the test site and in some locations may not exist 
in the whole inter-helix zone for all the 6.0 m helical piles. For some piles, the inter-helix 
zone was located within the silty clay and silty sand layers. In addition, the strength and 
stiffness of the clay till layer varied along the test site and with depth. These factors 
affected the general trend of the ultimate capacity of the 6.0 m helical piles. It is observed 
that the ultimate compressive capacity of the double-helix pile SD11 with inter-helix 
spacing of 0.9 m is higher than that of the single-helix pile SS11 by about 57%, while the 
capacity of piles SD21 and SD31 with inter-helix spacing of 1.8 and 2.75 m, respectively, 
are higher than that of SS11 by only 33 and 24%, respectively.  
For the 9.0 m helical piles (Figure 6.16), the capacity of the double-helix pile 
LD12 is higher than that of the single-helix pile LS11 by 27%. Also, the capacity of piles 
LS12 and LD12 are higher than those of piles SS11 and SD11 by 131 and 86%, 
respectively. On the other hand, the capacity of the 6.0 m driven pile is smaller by 17 to 
85% of the 6.0 m helical pile (Figure 6.17). Similarly, the capacity of the 9.0 m driven 
pile is about 43% and 34% of those of piles LS12 and LD12.  Again, these results 
demonstrate the advantage of the helical piles over driven piles in ground conditions 
similar to what was encountered in the test site. Although the capacity of driven piles is 
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expected to increase as the remoulded soil annular zone around the driven pile regains 
strength with time, it is likely to remain less than those of the helical piles due to the 
additional capacity attributed to the helix load carrying capacity. 
The pile design capacity is usually evaluated as one half of its ultimate capacity as 
established from the load test. The load-settlement curves show that the pile settlement at 
the design capacity is quite small.  The measured settlement at the design capacity for all 
piles tested in this study was less than 1% of the helix of the helical piles and less than 
1% of the pile diameter for driven piles.  The settlement at the pile design capacity is less 
for driven piles compared to helical piles. However, the settlement of the driven pile at 
the same load value is greater than that of the helical pile. This demonstrates that the 
performance of helical piles is superior to that of the driven pile at the same load level.  
            
 
Table 6.4. Ultimate pile capacity established from different criteria 
 
Ultimate pile capacity (kN) 
Pile No. 
Davisson Tangent intersection  
O’Neill & 
Reese 
Livneh &   
El Naggar 
Present study 
criterion 
SS11 629.0 731.0 894.2 993.6 844.6 
SD11 883.8 840.0 1478.0 -* 1330.9 
SD21 778.3 645.0 1258.6 1622.6 1126.1 
SD31 860.0 900.0 1115.7 1281.3 1049.4 
LS12 1846.6 1808.0 1951.7 2056.8 1951.7 
LD12 1921.7 1756.6 2477.2 -* 2477.2 
DS1 690.6 677.3 750.7 -** 720.6 
DL1 840.7 840.7 840.7 -** 840.7 
-* Ultimate capacity could not be obtained by the Livneh and El Naggar criterion 
-** Ultimate capacity of driven pile was not obtained by Livneh and El Naggar criterion 
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Table 6.5. Percentage difference of ultimate capacity by different criteria 
and that obtained by proposed criterion 
 
Total load capacity ratio 
Pile No. 
Davisson Tangent intersection  
O’Neill & 
Reese 
Livneh &    
El Naggar 
SS11 -25.5 -13.4 5.9 17.6 
SD11 -33.6 -36.9 11.1 - 
SD21 -30.9 -42.7 11.8 44.1 
SD31 -18.0 -14.2 6.3 22.1 
LS12 -5.3 -7.4 0.0 5.4 
LD12 -22.4 -29.1 0.0 - 
DS1 -4.1 -6.1 4.2 - 
DL1 0.0 0.0 0.0 0.0 
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Figure 6.4. a) Typical load-settlement curves for drilled foundations and b) regions of 
load-settlement curve 
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Figure 6.5. Load-settlement curve for pile SS11 
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Figure 6.6. Load-settlement curve for pile SD11 
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Figure 6.7. Load-settlement curve for pile SD21 
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Figure 6.8. Load-settlement curve for pile SD31 
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Figure 6.9. Load-settlement curve for pile LS12 
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Figure 6.10. Load-settlement curve for pile LD12 
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Figure 6.11. Load-settlement curve for pile DS1 
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Figure 6.12. Load-settlement curve for pile DL1 
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Figure 6.13. Load capacities interpreted from different criteria for the 6.0 m helical piles 
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Figure 6.14. Load capacities interpreted from different criteria for the 9.0 m helical piles 
and the 6.0 m and 9.0 m driven piles 
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Figure 6.15. Normalized load-settlement curves for the 6.0 m helical piles 
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Figure 6.16. Normalized load-settlement curves for the 9.0 m helical piles 
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Figure 6.17. Normalized load-settlement curves for the driven piles 
 
 
 
6.2.2 Settlement-Time Response   
The quick maintained load test procedure adopted in the current testing program involved 
only 5 min duration for each load increment. This duration was too short to clearly 
demonstrate the time-dependent settlement (creep) of the test piles. However, examining 
the load-settlement curves, especially at higher load levels, shows that creep settlement 
could be large enough and should be considered in pile design. The settlement versus log-
time plots for selected load increments for the test piles are shown in Figs. 6.18 to 6.25. 
The creep settlement is more pronounced in the case of driven pile DL1 that experienced 
plunging failure.  
Edil and Mochter (1988) conducted load tests on model piles in clay and 
concluded that the creep settlement was attributed primarily to the slip between the pile 
and clay soil. On the other hand, Leung et al. (1996) conducted creep tests on piles 
installed in sand (cohesionless soils) and concluded that the creep was related to the 
volumetric compression (rather than dilation) of sand. They suggested that two 
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phenomena resulted in the observed creep: the progressive breakdown of sand particles 
and the stress-relaxation at the pile toe. The observed creep in the current study may be 
attributed to these phenomena because the soil at the pile toe is rich in sand and silt 
particles. This is further supported by the load transfer data as discussed later. It should 
be noted, however, that creep behaviour was only observed at loads higher than the 
design capacity (50 to 55% of the ultimate capacity for the 6.0 m piles and 70 to 80% of 
the 9.0 m piles). However, a thorough study is needed to asses the creep performance of 
helical piles in cohesive and cohesionless soils.    
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Figure 6.18. Time-dependent settlement (creep) for selected load increments (Pile SS11) 
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Figure 6.19. Time-dependent settlement (creep) for selected load increments (Pile SD11) 
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Figure 6.20. Time-dependent settlement (creep) for selected load increments (Pile SD21) 
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Figure 6.21. Time-dependent settlement (creep) for selected load increments (Pile SD31) 
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Figure 6.22. Time-dependent settlement (creep) for selected load increments (Pile LS12) 
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Figure 6.23. Time-dependent settlement (creep) for selected load increments (Pile LD12) 
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Figure 6.24. Time-dependent settlement (creep) for selected load increments (Pile DS1) 
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Figure 6.25. Time-dependent settlement (creep) for selected load increments (Pile DL1) 
 
 
 
6.2.3 Distribution of Axial Load along Helical Piles  
The capacity of helical piles stems from three load transfer mechanisms, namely: 
resistance along the shaft above the helices, resistance along the inter-helix zone, and 
resistance at the bottom helix. To establish the contributions of these load transfer 
mechanisms, the distribution of the axial compressive load along helical piles during the 
load test was evaluated from the analysis of the strain gauge readings at different 
elevations along the pile. Since the driven piles, DS1 and DL1, were not strain gauged, 
the load distribution for these piles was not included in the study.  
 The load distribution curves at various load levels during the compression test 
were established and are shown in Figs. 6.26 and 6.27. The data points plotted in Figs. 
6.26 and 6.27 indicate the locations of the strain gauges. Inspecting these figures, it is 
noted that for single helix piles, the ultimate capacity is made of shaft friction and end 
bearing resistance from the helix/pile toe. For double-helix piles, the ultimate 
compressive capacity is composed of four components: shaft friction, bearing resistance 
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on the upper helix, shaft friction along the inter-helix zone, and bearing resistance from 
the bottom helix/pile toe. It is noted from the load distribution curves that the double-
helix piles experienced the individual bearing behaviour as the upper helix mobilized a 
considerable value of bearing resistance. 
By examining Figs. 6.26b and 6.27b, it is interesting to note that piles SD11 and 
LD12 with inter-helix spacing, S/D = 1.5D showed mainly individual plate bearing 
failure mechanism (Fig. 2.9b) instead of the cylindrical shear failure. Previous studies by 
Narasimha Rao et al. (1989), Narasimha Rao et al. (1991), Narasimha Rao et al. (1993), 
and Zhang (1999) examined the effect of S/D on the failure mechanism of helical piles 
under compression and uplift loads. These studies showed that the cylindrical shear 
failure was predicted for helical piles in clay with S/D ≤ 1.5 to 2.0, while for S/D > 2.0 
the individual plate bearing failure mechanism would dominate.  
The observed behaviour in the current study reflects the softening of soil within 
the inter-helix zone due to the significant installation effect because of the structured 
nature of the site clayey silt and clay till soils. The behaviour of piles SD11 and LD12 
suggests that the upper helix plate transferred the load to the remoulded soil underneath 
it, resulting in substantial deformations before there was sufficient displacement of the 
inter-helix soil relative to the intact soil outside the helices zone to mobilize cylindrical 
shear resistance. This behaviour happened to a lesser degree in case of pile LD12 as the 
piles was tested nine months after installation, allowing some regain of soil strength.   
For piles SD21 and SD31 with widely-spaced helices (S/D = 3.0 and 4.5, 
respectively), a plastic wedge of soil is expected to develop underneath each helix. In 
order to mobilize pile failure, a soil mass located outside the plastic wedge, and outside 
the remoulded zone, would be displaced and deformed. This soil mass would not be as 
large as in case of undisturbed soil beneath and around the helices. So, the bearing 
resistance of the upper helix may depend to some extent on the shear strength of the soil 
located outside the remoulded clayey soil in the inter-helix zone. 
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Figure 6.26. Load distribution curves for: a) SS11; b) SD11; c) SD21; and d) SD31 
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Figure 6.27. Load distribution curves for: a) LS12; and b) LD12 
 
 
 
Using the load transfer curves, the contribution of each load transfer mechanism is 
calculated and the results are illustrated in Figs. 6.28 to 6.33. These figures show the 
mobilized skin friction and end bearing resistances at the ultimate capacity estimated by 
the criterion proposed in the present study. The dotted line which indicates the ultimate 
capacity was drawn at total pile head settlement equal to the elastic pile shortening plus a 
net settlement of 0.035D. Figures 6.28 to 6.33 demonstrate that the initial shaft response 
was very stiff and its capacity was mobilized at a settlement of about 1.0% of the shaft 
diameter and 0.55% of the helix diameter. In addition, the initial load mobilized by end 
bearing underneath the helices/pile toe is slow because the mobilization of the end 
bearing resistance is much gradual and is fully mobilized at much larger settlement. 
Inspecting Figs. 6.28 to 6.33, it is noted that: the shaft resistance was mobilized fully; and 
the ultimate pile capacity defined by the proposed criterion generally falls at the end of 
the curvilinear region of the end bearing resistance curve of bottom helix/pile toe. This 
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confirms the adequacy of the proposed criterion to estimate the ultimate capacity of 
large-capacity helical piles. 
The percentage contributions of the different load transfer mechanisms at the 
ultimate capacity, Qult, and at the design load (0.5Qult) are summarized in Table 6.6. 
 
 
Table 6.6. Percentage of load transferred by different sections of piles 
 
Pile 
Load Pile section 
SS11 SD11 SD21 SD31 LS12 LD12 
Shaft 20.3 7.2 6.4 4.9 23.6 17.0 
Upper helix - 11.1 4.7 10.9 - 19.4 
Inter-helix - 2.6 5.0 5.2 - 1.6 
0.5 Qult 
End bearing 79.7 79.1 83.9 79.0 76.4 62.0 
Shaft 11.0 4.1 3.3 2.0 12.7 9.4 
Upper helix - 9.7 10.0 5.9 - 22.5 
Inter-helix - 1.3 1.6 3.1 - 1.2 
Qult 
End bearing 89.0 84.9 85.1 89.0 87.3 66.9 
 
  
 Careful examination of the load distribution curves and the analysis of load 
transfer mechanisms results presented in Table 6.6 yield the following observations: 
• The percentage of shaft capacity and inter-helix capacity decreased as the applied 
load increased because most of the frictional capacity was mobilized within the first 
3.0 to 4.0 mm of settlement. On the other hand, the percentage of helices bearing 
capacity increased as the applied load increased because higher settlement is required 
to mobilize the end bearing component. It is also noted that the end bearing resistance 
continued to increase with the increase of the applied load even after the estimated 
ultimate capacity, especially for piles that showed a significant curvilinear tendency 
in the load-settlement curves. 
• The percentage of shaft resistance decreased from 11.0 to 2.0%, for the 6.0 m piles as 
the embedment ratio, H/D, decreased from 8.95 to 4.53. On the other hand, the 
adhesion in the inter-helix section increased from 1.3 to 3.1% as the inter-helix 
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spacing ratio increased from 1.5 to 4.5. A slightly higher shaft resistance (12.2%) was 
mobilized for the 9.0 m helical piles. 
• All double-helix 6.0 m piles experienced individual plate bearing failure mechanism 
with the upper helix contributing of 6 to 10% of the pile capacity. Similarly, the 
double-helix 9.0 m pile LD12 experienced individual plate bearing failure with the 
upper helix contribution of 22.5% of the ultimate load. This is attributed to the 
remoulding of the inter-helix clay till soil due to installation. 
• The end bearing resistance at the bottom helix/pile toe contributed about 85 to 90.0% 
of the ultimate capacity of the 6.0 m helical piles and about 67 and 87% for the 9.0 m 
helical piles. 
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Figure 6.28. Loads transferred to soil from pile SS11 
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Figure 6.29. Loads transferred to soil from pile SD11 
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Figure 6.30. Loads transferred to soil from pile SD21 
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Figure 6.31. Loads transferred to soil from pile SD31 
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Figure 6.32. Loads transferred to soil from pile LS12 
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Figure 6.33. Loads transferred to soil from pile LD12 
   
 
6.2.4 Bearing Pressure of Helices Compared to CPT Resistance 
The soil resistance below the helices/pile toe and the soil resistance to the advancement 
of cone penetrometer are a function of the soil shear strength and the loading mechanism 
is similar in both cases. Thus, the ultimate bearing pressure below the helices may be 
correlated to the CPT resistance.  
Figure 6.34 plots the profiles of corrected cone tip resistance, qt, measured on site 
at locations SCPT1, SCPT2, and SCPT3 along with the bearing pressures below the 
helices and pile toe. It is noted from Fig. 6.34 that the bearing pressure below the upper 
helix of the 6.0 m piles two weeks after installation were significantly less than the range 
of CPT resistance measurements. This is likely due to the soil remoulding caused by pile 
installation. Also, the bearing pressure below the bottom helix/pile toe of the same 6.0 m 
piles were significantly less than the CPT resistance measured in the silty sand layer, 
probably due the variability of the thickness of silty sand layer. By comparing profile of 
SCPT2, SCPT1 and SCPT3, it was noted that the silty sand layer was shallower towards 
the west side of the test site.  On the other hand, the bearing pressure below the bottom 
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helix/pile toe of the 9.0 m piles tested nine months after installation was higher than the 
CPT resistance, but the bearing pressure below the upper helix of pile LD12 was about 
the lower value of the CPT resistance. This is because the soil regained most of its shear 
strength as the time passed. Accordingly, the CPT tip resistances along with an adequate 
soil investigation program, can provide a reasonable estimate for the bearing capacity of 
the bottom helix/pile toe.  
  
    
6.2.5 Inferred Shaft Resistance Mobilized by Helical Piles   
The average values of unit shaft adhesion along the upper 4.0 m of pile shaft were 
calculated for all test helical piles at the ultimate loads and the results are presented in 
Table 6.7. It is observed from Table 6.7 that shaft adhesion in the stiff clay to silty clay 
layer (layer 2) for pile SS11 are 37% higher than the corresponding values calculated for 
the other 6.0 m piles. In addition, a significant difference (70 to 135%) exists between the 
unit shaft adhesion values along the stiff clay to silty clay layer (between 2nd and 4th 
levels of strain gauges, SG2 to SG4). This is attributed to the minimal adhesion 
developed over the shaft length above the upper helix. Similar results were reported by 
Narasimha Rao and Prasad (1991) and Zhang (1999). They suggested that the shaft 
adhesion could not be mobilized along a length of one helix diameter, D, above the upper 
helix because of the shadowing effect. They proposed to use an effective shaft length for 
calculating the shaft adhesion, given as Heff=H-D.  
In the current study, the shaft adhesion was neglected along a length D above the 
upper helix and the corrected unit shaft adhesion was calculated for piles SD11 and SD21 
and the results are provided in Table 6.7. The revised unit adhesion between levels SG3 
and SG4 along the stiff clay to silty clay layer are in agreement with those values 
between levels SG2 and SG3.  
 The unit shaft adhesion values along the silt crust (layer 1) and the stiff clay to 
silty clay (layer 2) for piles LS12 and LD12 (tested 9 months after installation) are 
significantly higher than the corresponding values for the 6.0 m helical piles (tested 2 
weeks after installation). The unit shaft adhesion along the silt crust increased in average 
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by about 16 to 50%, and between 54 and 130% for the stiff clay to silty clay layer. This is 
attributed to the increase of soil shear was time after installation.  
 Several approaches are available in the literature to calculate the capacity of 
helical piles in clay or sand using either total stress or effective stress analyses.  In the 
current research, the undrained and drained shear strength parameters, Cu, C′, and φ', 
mobilized by the different sections of the helical piles were back-calculated using the 
design equations given in Chapter 2 and the obtained load transfer curves at ultimate 
loads, employing a trial-and-error technique.  
    Based on the correlation provided by Bishop (1966), the angle of internal 
friction, φ', of glacial clay till was found to vary between 32 and 34o. Mitchell (1976) 
proposed a correlation to estimate φ' from the plasticity index value and the estimated 
value of the site clay till was between 32 and 35o.  Using the critical-state-soil mechanics, 
Kulhawy and Mayne (1990) provided a correlation between the undrained cohesion and 
overconsolidation ratio of clay to estimate φ', as follows: 
 
                                                                               
8050 .
'
vo
u OCR.Sin.C φ
σ
′=                                             (6.4) 
 
 Using the undrained cohesion and overconsolidation ratio for the clay till layer, φ' 
is between 28 and 33o. In addition, correlations proposed by Stark and Eid (1994) and 
Terzaghi et al. (1996) suggest that φ' for clay till is between 29 and 32. Thus, it was 
deemed reasonable to use an average value of φ' = 31o to represent the clay till.    
 Cemented and heavily overconsolidated clays mobilize effective cohesion, C′, 
under loading (Kulhawy and Mayne, 1990). Mesri and Abdel-Ghaffar (1993) related the 
short-term value of C′ to the preconsolidation pressure and the current stress state, i.e., C′ 
= 0.024 'pσ . This relationship gives an effective cohesion for the clay till layer that varies 
between 18 and 26 kPa. Thus, C′ of 20 kPa is considered in the analysis. 
 The average undrained cohesion mobilized along the pile shaft in the different 
silty clay and clayey silt layers was calculated using the shaft diameter, d=0.324 m, and 
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an adhesion factor α that varied between 0.4 and 1.0 as per the recommended values by 
the CFEM (2006), such that: 
  
                                                                       shaftshaftu dH/QC απ=                                     (6.5) 
 
where Hshaft is the length of the shaft section corresponding to a certain soil layer. The 
drained shear strength parameters of the silty crust and clay till were obtained as 
following: 
 
                                                       δγ
π
πα tanKdHdHCQ sshaftshaftshaft ′+′=
2
2
 
                           (6.6) 
 
where Ks and δ were obtained from Kulhawy (1984) and CFEM (2006) (values are 
reported in Chapters 2 and 4).  
 The average undrained cohesion mobilized by the upper helix for all 6.0 m 
double-helix piles was back-calculated considering the individual plate bearing method, 
and using bearing capacity factor, Nc=9.0, as follows: 
 
                                                                               huchelixupper ACNQ =−                                             (6.7) 
 
where Q upper-helix is the ultimate bearing capacity of upper helix and Ah is its area. The 
average drained shear strength parameters mobilized by the upper helix for the 9.0 m pile, 
LD12, were back-calculated using Nc = 9 and Nq considering Meyerhof (1976) approach 
but using factor of safety of 2.0, as follows: 
 
                                                                 
[ ]q'vochhelixUpper NNCAQ σ+′=−                                      (6.8) 
 
Tables 6.8 to 6.11 provide the calculated shear strength parameters for the 6.0 m 
helical piles tested two weeks after installation. The results show that the soil remoulding 
had a significant effect on the mobilized undrained and drained shear strength parameters 
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along the shaft and upper helix sections. The back-calculated φ' for the silt crust (layer 1) 
was about 75 to 88% of the value obtained from the site investigation program (φ'=31o). 
The mobilized undrained cohesion, Cu, of the stiff clay/silty clay and clayey silt (layer 2) 
was about 20 to 45% of the shear strength of the intact layer. On the other hand, the 
reduction in the undrained cohesion of the very stiff silty clay/clayey silt/clay (layer 3) 
was about 60%.  
Tables 6.12 and 6.13 provide the results for the 9.0 m helical piles, LS12 and 
LD12, tested nine months after installation. The results show that the remoulded soil zone 
regained a considerable portion of its shear strength. For the silt crust (layer 1), the 
mobilized φ' was about 17 to 42 % higher than the values calculated for testing after two 
weeks. The mobilized Cu values increased by about 45 to 250% (in layer 2) and about 53 
to 67% (in layer 3) relative to the values for the 6.0 m helical piles. The mobilized 
drained shear strength parameters, C′ and φ', of the clay till layer were in average about 
70% and 74% of the interpreted intact values, respectively. However, it can be concluded 
that the effect of soil remoulding occurred in the soil during installation persisted long 
after installation, which was illustrated in comparing the mobilized shear strength 
parameters nine months after piles installation to the intact ones due to the structured 
nature of the soils encountered in the test site.     
The mobilized undrained cohesion values underneath the upper helix embedded in 
layer 2 were about 70 to 74% of the intact values, and about 50% for the case of upper 
helix embedded in layer 3. These high percentages are probably due to the propagation of 
the failure surface outside the remoulded zone into the undisturbed/unremoulded soil 
beyond the helix diameter, or propagation of failure surface into the underlying very stiff 
silty clay/clayey silt (layer 3).  For the upper helix section in pile LD12, the mobilized C′ 
and φ' of clay till were about 90 and 93.5% of the intact parameters. These high 
percentages are attributed to the propagation of the failure surface outside the remoulded 
zone.  
The ultimate end bearing capacity mobilized by the bottom helix/pile toe were 
calculated using the intact shear strength parameters and compared with the measured 
values as installation will introduce minimal disturbance below the piles. Due to the 
variability of thickness of the silty sand layer located near the 6.0 m pile toe, the shear 
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strength parameters of the clay till layer and the silty sand layer were used to calculate the 
end bearing resistances of the bottom helix/pile toe for all piles. The ultimate bearing 
capacity of the bottom helix/pile toe was calculated as follows:   
   
                                                               
( )[ ]q'vocthBottom NNCAAQ σ+′+=                                     (6.9) 
 
where, At is the area of the pile toe; and the bearing capacity factors Nc and Nq were 
obtained from Meyerhof (1976) using a safety factor of 2.0 (assuming behaviour at 
helical pile toe is similar to bored piles.) The average calculated ultimate end bearing 
capacity for the 6.0 m piles considering clay till was 872 kN (equivalent to end bearing 
pressure of about 3000 kPa). The measured values varied between 752 and 1131 kN. 
Thus, the percentage difference between the predicted capacity and the measured 
capacity varied between 15.9 and -22.9%. Therefore, the ultimate capacity of the bottom 
helix/pile toe can be estimated using the intact shear strength parameters. Also Fig. 6.34 
shows that the measured end bearing pressures below the bottom helix/pile toe of the 6.0 
m piles are in close agreement with the CPT resistance. On the other hand, the average 
calculated ultimate bearing resistance for the 6.0 m piles using the drained shear strength 
parameter of the silty sand layer (φ'=42o) was 2565 kN (equivalent to end bearing 
pressure of 8780 kPa) considering the Meyerhof (1976) limiting point resistance of ql=0.5 
Nq tan(φ'), where ql is in ton/ft2. This significantly overestimated the capacity by 127 to 
241%. Moreover, Fig. 6.34 shows that the measured end bearing pressures were much 
less than the CPT resistance in the silty sand layer. Thus, it is concluded that the end 
bearing resistance mobilized below the bottom helix/pile toe of the 6.0 m piles were 
developed mainly from the clay till layer because the thickness of the silty sand layer 
below the piles was small.  
The measured values of the ultimate bearing capacity of the 9.0 m piles LS12 and 
LD12 were 1704 and 1658 kN. However, the average calculated ultimate bearing 
capacity using the intact clay till strength parameters was 1090 kN, representing a 
difference of -36.0 and -34.2% for LS12 and LD12, respectively. On the other hand, 
Meyerhof theory overestimates the bearing capacity of the bottom helix/pile toe (2565.0 
kN) by about of 50 to 55%. The measured ultimate end bearing resistance below the 
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bottom helix/pile toe of the 9.0 m helical piles lies between the ultimate capacity 
calculated using the clay till drained strength parameters and that calculated using the 
silty sand drained strength parameter. This is because the interbedding of silty sand and 
clay till layers.   
 
 
 
 
Figure 6.34. Bearing pressures at failure generated by helices and pile toe compared to 
SCPT tip resistance profiles 
Bearing pressure at failure (kPa)
0 2000 4000 6000 8000 10000
D
ep
th
 
(m
)
0
1
2
3
4
5
6
7
8
9
10
qt-SCPT1
qt-SCPT2
qt-SCPT3
Bottom helix & pile toe
Upper helix
SS11
SD11
SD11
SD21
SD21
SD31
SD31
LD12
LD12 LS12
Pile SS11: S/D=-, 2 weeks
Pile SD11: S/D=1.5, 2 weeks
Pile SD21, S/D=3.0, 2 weeks
Pile SD31, S/D=4.5, 2 weeks
Pile LS12, S/D=-, 9 months
Pile LD12, S/D=1.5, 9 months
Chapter 6 
 
223 
 
Table 6.7. Unit shaft adhesion for all piles along the upper 4.0 m  
 
Pile Depth     (m) Layer 
Unit shaft adhesion 
(kPa/m) 
Unit shaft adhesion, 
using effective shaft 
length (kPa/m) 
SS11 0 – 1.35 Layer (1) Silty to sandy silt 6.2 6.2 
 1.35 – 2.85 Layer (2)                                        Stiff clay to silty clay 24.0 24.0 
 2.85 – 4.35 Layer (2) Stiff clay to silty clay 24.2 24.2 
SD11 0 – 1.60 Layer (1) Silty to sandy silt  7.7 7.7 
 1.60 – 3.10 Layer (2) Stiff clay to silty clay 18.0 18.0 
 3.10 – 4.50 Layer (2) Stiff clay to silty clay 10.6 17.4 
SD21 0 – 1.295 Layer (1) Silty to sandy silt 6.6 6.6 
 1.295 – 2.45 Layer (2) Stiff clay to silty clay 17.1 17.1 
 2.45 – 3.02 Layer (2) Stiff clay to silty clay 7.3 15.2 
SD31 0 – 1.555 Layer (1) Silty to sandy silt 5.9 5.9 
 1.555 – 2.73 Layer (2) Stiff clay to silty clay 9.5 17.3 
LS12 0 – 1.5 Layer (1) Silty to sandy silt 8.9 8.9 
 1.5 – 3.0 Layer (2) Stiff clay to silty clay 35.5 35.5 
 3.0 – 4.35 Layer (2) Stiff clay to silty clay 36.1 36.1 
LD12 0 – 1.5 Layer (1) Silty to sandy silt 9.4 9.4 
 1.5 – 3.0 Layer (2) Stiff clay to silty clay 36.7 36.7 
 3.0 – 4.61 Layer (2) Stiff clay to silty clay 37.2 37.2 
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Table 6.8. Back-calculated shear strength mobilized by pile SS11  
 
 Mobilized shear 
strength 
Ratio of mobilized 
to intact 
 
 Shaft  Shaft 
Layer Cu (kPa) 
φ′ 
(o) 
Cu 
(%) 
φ′ 
(%) 
Layer (1): Silt crust - 25.0 - 80.6 
Layer (2): Stiff clay to 
silty clay and clayey silt 38.5 - 45.3 - 
Layer (3): V. stiff silty 
clay, clayey silt and clay 54.0 - 39.4 - 
 
 
Table 6.9. Back-calculated shear strength mobilized by pile SD11  
 
 Mobilized shear strength Ratio of mobilized to intact 
 Shaft Upper-helix Shaft 
Upper-
helix 
Layer Cu (kPa) 
φ′ 
(o) 
Cu 
(kPa) 
Cu 
(%) 
φ′ 
(%) 
Cu 
(%) 
Layer (1): Silt crust - 27.0 - - 87.1 - 
Layer (2): Stiff clay to 
silty clay and clayey silt 17.6 - - 20.7 - - 
Layer (3): V. stiff silty 
clay, clayey silt and clay - - 68.1 - - 50.0 
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Table 6.10. Back-calculated shear strength mobilized by pile SD21  
 
 Mobilized shear strength Ratio of mobilized to intact 
 Shaft Upper-helix Shaft 
Upper-
helix 
Layer Cu (kPa) 
φ′ 
(o) 
Cu 
(kPa) 
Cu 
(%) 
φ′ 
(%) 
Cu 
(%) 
Layer (1): Silt crust - 27.5 - - 88.7 - 
Layer (2): Stiff clay to 
silty clay and clayey silt 16.5 - 59.5 19.4 - 70.0 
 
 
 
Table 6.11. Back-calculated shear strength mobilized by pile SD31  
 
 Mobilized shear strength Ratio of mobilized to intact 
 Shaft Upper-helix Shaft 
Upper-
helix 
Layer Cu (kPa) 
φ′ 
(o) 
Cu 
(kPa) 
Cu 
(%) 
φ′ 
(%) 
Cu 
(%) 
Layer (1): Silt crust - 23.5 - - 75.8 - 
Layer (2): Stiff clay to 
silty clay and clayey silt 17.3 - 33.0 20.4 - 38.8 
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Table 6.12. Back-calculated shear strength mobilized by pile LS12  
 
 Mobilized shear strength Ratio of mobilized to intact 
 Shaft Shaft 
Layer Cu (kPa) 
C′  
(kPa) 
φ′ 
(o) 
Cu 
(%) 
C′     
(%) 
φ′ 
(%) 
Layer (1): Silt crust - - 32.0 - - 103.0 
Layer (2): Stiff clay to 
silty clay and clayey silt 55.0 - - 65.0 - - 
Layer (3): V. stiff silty 
clay, clayey silt and clay 82.5 - - 60.2 - - 
Layer (5): Clay till - 14.0 23.0 - 70.0 74.0 
 
 
Table 6.13. Back-calculated shear strength mobilized by pile LD12  
 
 Mobilized shear strength Ratio of mobilized to intact 
 Shaft Upper-helix Shaft Upper-helix 
Layer Cu (kPa) 
C′ 
(kPa) 
φ′ 
(o) 
C′ 
(kPa) 
φ′ 
(o) 
Cu 
(%) 
C′ 
(%) 
φ′ 
(%) 
C′ 
(%) 
φ′ 
(%) 
Layer (1): Silt crust - - 33.5 - - - - 108.1 - - 
Layer (2): Stiff clay to 
silty clay and clayey silt 58.0 - - - - 68.2 - - - - 
Layer (3): V. stiff silty 
clay, clayey silt and clay 87.0 - - - - 63.5 - - - - 
Layer (5): Clay till - 14.0 23.0 18.0 29.0 - 70.0 74.0 90.0 93.5 
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6.4 SUMMARY AND CONCLUSIONS 
This study investigated the axial compressive performance of eight full-scale large-
capacity helical and driven piles, with different geometrical configurations. Also, the 
thixotropic behaviour of soil around the helical piles on the axial behaviour was 
investigated. The piles were tested in accordance with the quick maintained load method. 
Eight axial compressive tests were conducted and the measured pile axial response and 
strain were used to obtain the ultimate capacities and the load transfer mechanisms. The 
mobilized shear strength parameters were back-calculated for helical piles tested two 
weeks and nine months after installation. Based on the experimental results and their 
analysis, the following conclusions can be drawn: 
1. The load-settlement curves of the tested large-capacity helical piles showed typical 
trends displayed in three distinctive regions, namely: initial linear elastic region, 
nonlinear transition region, and final linear region. This is consistent for piles tested 
under compression load, which corroborate the adequacy of large-capacity helical 
piles for axial compressive loading. 
2. An ultimate capacity criterion was proposed to estimate the ultimate load of the test 
piles. The ultimate capacity is defined as the load associated with total pile head 
settlement that equal to the pile elastic deformation plus 3.5% of the helix diameter. 
For the special case of plunging failure, the ultimate load is taken as the maximum 
load reached during the test. 
3. The axial compressive load test results showed that the Davisson (1973) criterion and 
tangent intersection method underestimated the ultimate capacities of the test large-
capacity helical piles and the criterion developed by Livneh and El Naggar (2008) for 
slender helical piles overestimated the ultimate capacities of the test piles.    
4. The ultimate axial compressive capacity of the 9.0 m double-helix helical pile was 
27% higher than that of the single-helix pile.  
5. The capacity of the 6.0 m driven pile was smaller by about 17% than the capacity of 
the 6.0 m single-helix pile and by about 46 to 85% than the capacities of the 6.0 m 
double-helix piles. These results confirm the advantage of helical piles compared to 
the conventional driven piles. 
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6. The initial pile response to axial loading was quite stiff. The measured settlements at 
ultimate compressive capacity of helical piles given as a percentage of the helix 
diameter were 3.9 to 4.2% in case of the 6.0 m helical piles tested two weeks after 
installation, and 4.9 to 5.4% in case of the 9.0 m helical piles tested nine months after 
installation. The settlements at failure in case of the 6.0 and 9.0 m driven piles (tested 
two weeks after installation) were 4.2 and 1.5% of the shaft diameter. 
7. It was observed that the time-dependent settlements (creep) were expected at loads 
higher than 50.0 to 55.0% of the ultimate capacities for short helical piles and higher 
than 70.0 to 80.0% of the ultimate capacities for long helical piles. However, a 
thorough study is needed, using larger load increment durations, to assess the creep 
performance of helical piles in cohesive and cohesionless soils. 
8. The tested double-helix piles showed mainly individual plate bearing failure 
mechanism, even in case of piles with inter-helix spacing of 1.5 times the helix 
diameter, contrary to the common cylindrical shear failure mechanism expected for 
such inter-helix spacing ratio. This is attributed to the high degree of soil remoulding 
and softening of the structured clay till soils. 
9. The load transfer mechanism of tested helical piles indicated that the shaft frictional 
resistance could not be mobilized along a length of one helix diameter above the 
upper helix because of the shadowing effect. Thus, the shaft resistance should be 
calculated considering an effective shaft length equal to the embedded shaft length 
minus one helix diameter.  
10. The end bearing capacity of the bottom helix/pile toe could be reasonably predicted 
using the tip resistance profiles measured during the cone penetration testing in intact 
soil and also from using the Meyerhof bearing capacity theory for deep foundations. 
11. The mobilized shear resistance of the helical piles showed a soil remoulding due to 
pile installation and subsequent regain of soil strength with time. The mobilized shear 
strength parameters along the pile shaft two weeks after installation experienced the 
highest reduction. The mobilized strength parameters of stiff/very stiff silty clay and 
clayey silt soils were about 20 to 40% of the intact values. The mobilized strength 
parameters along the shaft increased significantly with time (during nine month 
period) to about 65% of the intact values for stiff/very stiff clayey silt and silty clay 
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soil.  The mobilized strength parameters underneath the upper helix were higher than 
those mobilized along the shaft for the same soil layers. This was attributed to 
extending of failure surface underneath the upper helix beyond the edge of the 
helices, into intact soil that did not experience any disturbance during pile installation.   
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CHAPTER SEVEN 
LATERAL PILE LOAD TESTING AND ANALYSIS 
 
 
 
 
7.1 INTRODUCTION 
Piles are used to support harbour and offshore structures, earth-retaining structures, 
transmission-tower foundations and bridge abutments. In these applications, the piles are 
subjected to lateral loads in addition to the axial compressive and tensile loads. The 
lateral deflection and bending moment of the pile are important design considerations in 
these situations. The bending moment is essential for the structural sizing of piles and the 
maximum deflection of pile head is important with regard to the serviceability of the 
supported structure.  
 The early research on pile lateral performance was directed to obtaining its 
ultimate lateral capacity, while satisfying a limiting lateral deflection requirement by 
specifying allowable lateral loads much less than the estimated ultimate loads. Brinch 
Hansen (1961) developed a method of analysis for rigid piles based on the limit 
equilibrium theory (plastic theory). This approach assumed that the maximum soil 
resistance is acting against the pile when it is subjected to the ultimate lateral load. Thus, 
the pile was assumed to deflect sufficiently to develop the full soil resistance, which is 
not the case for many piles. Broms (1964) developed a solution that is essentially the 
same as that provided by Brinch Hansen (1961), but simplified the ultimate soil-
resistance distribution along the pile. Broms considered two possible failure mechanisms 
based on the type of pile: short pile or long pile. The first failure mode accounted for soil 
yielding along the short pile, and for long piles the yield of the pile itself was accounted 
for.  
Analytical techniques developed recently have helped improve understanding 
behaviour of piles subjected to lateral loading. The elastic theory have been widely used 
either in the form of the elastic continuum approach or subgrade reaction approach. 
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Poulos (1971) and Budhu and Davis (1988) employed the elastic continuum approach to 
analyze the lateral response characteristics of piles using the boundary integral equations. 
The approach did not, however, account for soil yielding or pile yielding, and hence is 
suitable for estimating the response of laterally loaded piles at small strain levels. Poulos 
and Davis (1980) accounted for the highly nonlinear behaviour of laterally loaded piles 
by introducing yielding factors to the elastic approach.       
The subgrade reaction approach (Matlock and Ripperger, 1956; Matlock, 1961 
and 1962; Davisson and Gill, 1963) assumed that the soil behaves as a series of closely 
spaced independent elastic springs. Despite of the mathematical convenience of the 
approach, it is approximate due to the presumed discontinuity in soil mass. The subgrade 
reaction approach was extended to consider the soil nonlinearity by introducing semi-
empirical method known as the p-y analysis, which was first proposed by McClelland and 
Focht (1958). The p-y curves represent the soil resistance, p, corresponding to pile lateral 
deflection, y. The p-y curves vary with depth, with the value of soil resistance 
representing a range of lateral pressures varying from zero to the yield strength of soil 
(Prakash and Sharma, 1990). The p-y relationship for a given soil is commonly obtained 
by back-figuring data from instrumented lateral load tests. Some design procedures for 
constructing p-y curves were proposed by Matlock (1970) for the case of soft clay soils 
and by Reese et al. (1975) and Reese and Welch (1975) for the case of stiff clay soils.        
Although there are several studies investigating the axial capacity of helical 
anchors and piles, a few studies considered the lateral behaviour of helical piles. Puri et 
al. (1984) conducted model tests on single-helix, two-helix, and three helix anchors 
installed in sand to obtain information on the variation of moment versus depth in the 
anchors.  They proposed a mathematical model based on results of load tests on full-scale 
model piles for the determination of the lateral capacity of helical anchors. The model 
was fashioned after Matlock and Reese’s elastic theory model (Matlock and Reese, 1961 
and 1962; Davisson and Gill, 1963). The model accounted for the soil disturbance due to 
helical anchors installation process and other unique characteristics of the helical anchors. 
The model was found to provide an acceptably close prediction of lateral capacity for 
25.4 mm deflection as compared to observed field and model values.  
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 The lateral capacity of helical piles in clay was studied by Prasad and Narasimha 
Rao (1994, 1996). Laboratory static and cyclic tests were performed on small-scale rigid 
helical piles with different number of helical plates and embedment, installed in clayey 
soil. It was found that the lateral capacity of helical piles increased with embedment 
depth and shear strength of soil. The capacity of model helical piles increased with the 
number of helical plates and was about 1.2 to 1.5 times the capacity of straight shaft pile 
without helices. They suggested a theoretical formulation to calculate the lateral capacity 
of rigid helical piles considering the soil resistance along the pile shaft, bearing resistance 
at the bottom of the helical plate, uplift resistance on the top of the helical plate, and the 
frictional resistance on the surface of the plates. The proposed formulation provided a 
good prediction of the capacity of the tested helical piles.    
 With the rapid growth in oil sand development projects in northern Alberta, there 
is a strong trend to use helical piles to support medium to heavily loaded structures 
constructed in oil sand fields. Sakr (2009a) performed two full-scale lateral load tests on 
two single and double helix large-capacity helical piles installed in oil sand field. Sakr 
(2009b) conducted full-scale lateral load tests on six helical monopole base (HMB) piles 
and two single-helix straight-shaft helical piles, of different geometrical configurations. 
The HMB is a steel pipe shaft with two shaft sections and a helix or more near the bottom 
of each shaft section. The upper shaft section of the HMB is larger in diameter, which is 
typically about 0.6 to 0.9 m, while the lower shaft section diameter is about 0.3 m (Sakr, 
2009b). Sakr indicated that the effect of increasing the larger top section diameter of the 
HMB was to increase the lateral resistance between 8% and 42% depending on 
embedment depth.  
 Abdelghany and El Naggar (2010) conducted a series of full-scale monotonic and 
cyclic lateral load tests on different types of small diameter helical piles. Four types of 
piles were investigated: plain helical piles, grouted helical piles, fibre reinforced polymer 
grouted helical piles, and reinforced grouted helical piles. It was mentioned that the 
reinforced grouted piles gave the best monotonic and cyclic lateral performance over the 
other tested types. 
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7.2 PILE LATERAL LOAD TESTS 
In order to investigate the lateral performance characteristics of large-diameter helical 
piles, static full-scale lateral load tests were conducted on six piles. Four of the piles were 
6.0 m long and were tested two weeks after installation. The remaining two piles were 9.0 
m long and were tested nine months after installation. The piles were single and double-
helix, with different inter-helix spacing ratios of 1.5, 3.0, and 4.5 times the helix 
diameter. The field load test setup and procedures are presented in Chapter 3. The load 
test results are interpreted to understand the performance characteristics of large-diameter 
helical piles under lateral loading condition. The effect of pile installation process on the 
pile-soil interaction is also evaluated. Two models are presented using LPILE program to 
simulate the lateral response of the test helical piles. 
 
7.2.1 Lateral Capacity of Tested Helical Piles   
This section presents the results of the lateral load tests conducted on six large-capacity 
helical piles installed with different geometrical configurations. The short piles (SS11, 
SD11, SD21, and SD31) were tested two weeks after installation, while the long piles 
(piles LS12 and LD12) were tested nine months after installation as presented in Table 
7.1. The pile notations in Table 7.1 represent the pile geometry and the time elapsed since 
pile installation until testing. 
 
 
                                     Table 7.1. Pile notations for lateral load tests 
Pile code based on test time a 
Pile No. 2 Weeks 9 months 
SS1 SS11  
SD1 SD11  
SD2 SD21  
SD3 SD31  
LS1  LS12 
LD1  LD12 
a
 Number 1 at the end of pile code indicates piles 
tested two weeks after installation and number 2 
indicates piles tested 9 months after installation. 
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The lateral load tests were carried out following the quick maintained load test method 
recommended by ASTM D3966-07. The loading was applied in increments, while the 
piles’ head displacement was monitored through four linear displacement transducers 
(LDTs) mounted at two different locations. Three LDTs monitored the lateral movement 
along the line of load application at 250 mm above the ground surface. The fourth LDT 
monitored the lateral movement at 550 mm above the ground line (Chapter 3). The 
incremental load was held constant over a period of 5 min.  The applied load and strain 
gauge measurements were recorded after the application of each load increment till the 
end of the test. 
  The load and displacement at the loading point were measured and recorded 
during the load tests. Figures 7.1 and 7.2 show the load-displacement curves for the 6.0 m 
and 9.0 m helical piles, respectively. The points on each curve represent the displacement 
at the start and end points of each load increment. Inspecting Figures 7.1 and 7.2, it is 
noted that the lateral response of the 6.0 m and 9.0 m piles is affected by the pile length. 
The slight variations in response between same length piles can be attributed to the 
variations in soil properties in the test site at different pile locations, and the degree of 
soil disturbance/remoulding during installation of piles. The lateral response of tested 
piles was governed mainly by the soil reactions along pile shaft above the helices. The 
lateral resistance provided by the helices was negligible because the helices were 
relatively deep (i.e., more than 15d, where d is the pile shaft diameter). Similar 
observations were reported by Puri et al. (1984) during their lateral test conducted on 
small-model helical anchors. They concluded that the depth from ground surface to the 
upper helix was large such that the contribution of helices to lateral resistance was 
negligible. A depth of 4 to 5 times (EpI/K)0.25 was proposed as the critical depth to 
minimize contribution of helices in clay, where Ep is the Young’s modulus of pile; I is the 
pile moment of inertia; and K is the modulus of subgrade reaction (i.e. estimated as 67 
Cu). 
 It can be seen from Figs. 7.1 and 7.2 that the lateral response of the tested piles 
was generally nonlinear. It was noticed that gaps were formed behind the test piles during 
the lateral loading. The observed level of pile deflection and associated gap opening 
within the upper soil layers soil layers indicated that the soil has experienced plastic 
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deformations. Figure 7.3 illustrates the typical gap that formed behind piles during 
testing.  
 In can be seen from Figs. 7.1 and 7.2 that the maximum lateral load applied to 
piles SS11, SD11, SD21, and SD31 varied between 122 and 139 kN, which corresponded 
to maximum lateral displacements of 33.4 to 44.6 mm. On the other hand, the maximum 
loads applied to piles LS12 and LD12 were 165 and 150 kN, which corresponded to 
maximum lateral displacements of 41.5 and 36.6 mm, respectively. Upon unloading the 
piles, the permanent lateral displacements varied between 1.7 m and 7.2 mm. It is worth 
noting that no sign of any structural failure occurred to the piles was observed during 
tests.  
 Generally, determining the ultimate lateral capacity of piles depends on three 
factors (CFEM, 2006): the capacity of the soil, the structural capacity of the pile, and the 
tolerated deflection at the pile head. For the pile lengths considered in the current study, it 
is believed that large displacement is required to mobilize the soil resistance along the 
entire pile shaft. Thus, the ultimate lateral capacity of piles depends on the lateral 
displacement tolerated by the superstructure supported by the piles. O’Neill and Reese 
(1999) suggested a failure criterion that defines the lateral capacity of pile as the lateral 
load that corresponds to pile head displacement equal to 5% of the pile diameter. On the 
other hand, Prakash and Sharma (1990) suggested that the maximum lateral displacement 
of pile head not to exceed 6.25 mm. 
 The ultimate lateral load capacities for the test piles were established using 
Prakash and Sharma criterion and the load values are given in Table 7.2. The table also 
provides the lateral resistance corresponding to head displacement of 12.5 mm, which is a 
common limiting lateral deflection value for the foundations of some structures such as 
transmission towers (Sakr, 2009a). It is noted that the ultimate lateral resistance of piles 
tested nine months after installation is higher by about 15% compared to the resistance of 
piles tested two weeks after installation. This is obvious in the stiffer response of the 9.0 
m piles relative to the 6.0 m piles, as illustrated in Figs. 7.1 and 7.2. The increase in 
capacity may be partially due to the increase in pile length and partially due to the regain 
in soil strength as time passed (loading was performed 9 months after installation. Figure 
7.4 shows the load-rotation, θ, curves for piles SD11 and LD12. The figure shows that 
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the rotation of pile SD11 was less than that of LD12. Also, it can be seen that the rotation 
increased with the increase of the applied lateral load, which confirms the condition of 
testing free-head piles.    
 
 
Table 7.2. Lateral load test results 
 
Pile No. Type Length         (m) 
Time between 
installation and 
test 
Ultimate 
lateral load at 
6.25 mm displ. 
(kN) 
Lateral load at 
12.5 mm displ. 
(kN) 
SS11 Helical 6.0 2 weeks 39.3 55.8 
SD11 Helical 6.0 2 weeks 39.3 55.8 
SD21 Helical 6.0 2 weeks 39.3 55.8 
SD31 Helical 6.0 2 weeks 39.3 55.8 
LS12 Helical 9.0 9 months 45.1 75.1 
LD12 Helical 9.0 9 months 45.1 75.1 
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Figure 7.1. Lateral load test results for the 6.0 m helical piles 
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Figure 7.2. Lateral load test results for the 9.0 m helical piles 
 
 
 
 
 
 
 
Figure 7.3. A gap formed behind test pile during lateral loading 
 
 
Chapter 7 
 
238 
 
 
Rotation, θ (o)
0.0 0.2 0.4 0.6 0.8 1.0
A
pp
lie
d 
lo
a
d 
(kN
)
0
20
40
60
80
100
120
140
160
180
200
Pile SD11
Pile LD12
 
 
Figure 7.4. Load-rotation curves for piles SD11 and LD12 
 
 
7.2.2 Lateral Performance of Tested Helical Piles   
The distribution of bending moment along the pile shaft can be obtained from the strain 
values measured at the designated strain gauge levels along each pile as follows: 
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where, Mi is the bending moment at strain gauges level i; EpI is the flexural rigidity of 
pile; εi is the bending strain at level i; R is the shaft radius; εic and εit are the absolute 
strain values on the opposite sides of the shaft at level i.  
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 The distribution of bending moment at different displacement levels (4.0 mm, 
6.25 mm - ultimate load, and 12.5 mm) is shown in Figs. 7.5a and b for piles SD11 and 
LD12, respectively. It is noted that the moment diagrams had the same pattern: the 
bending moment increased with depth to a maximum and then started to decrease until it 
diminished near the pile toe; and the bending moment along the piles increased as the 
applied load increased. The maximum bending moment occurred at a depth of about 1.5 
to 1.6 m below the ground surface. The maximum bending moment values for pile LD12 
are higher by about 10 to 44% than those of pile SD11.  
 The distribution of the soil resistance along the pile shaft was obtained by curve-
fitting the bending moment distribution (Matlock and Ripperger, 1956; Reese and Welch, 
1975; El Naggar and Wei, 1999) using a polynomial function of the sixth degree, i.e.: 
 
                                                      
( ) hgxfxdxcxbxaxxM ++++++= 23456
 
                          (7.3) 
 
where, x is the depth below the ground surface; and a, b, c, d, f, g, and h are the curve-
fitting constants. The curve-fitting process included some smoothing of the data in order 
to reduce the monitored small scatter in moment distribution with depth generated due to 
the experimental error and soil layering. The soil resistance was then calculated by 
double differentiating the bending moment (Eq. 7.3), i.e.: 
 
                                            
( ) ( ) fdxcxbxaxxM
dx
d
xP 26122030 2342
2
++++==                   (7.4) 
 
Figure 7.6 shows the soil resistance distribution at different lateral loads that 
corresponded to pile lateral displacements of 4.0, 6.25, and 12.5 mm. It is observed that 
the soil reactions for the two piles were typical of flexible long piles’ behaviour. The 
observed maximum soil resistance occurred near the ground surface at a depth of about 
1.0 m, with the resistance rapidly reduced due to the flexibility of the piles. However, the 
soil resistance for pile LD12 was higher than that for pile SD11.  
 The shaft deflection of piles SD11 and LD12 was determined by integrating the 
bending moment twice, which yielded an eight degree polynomial as follows: 
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where, a, b, c, d, f, g and h are the curve-fitting constants; and j and n are the integration 
constants, which were obtained from the boundary conditions along the piles using the 
measured lateral displacement and rotation at the ground surface. Figure 7.7 shows the 
deflection of piles SD11 and LD12 at different lateral loads and lateral displacements at 
the pile head. It is noted both piles experienced most of their deflection along the top 10d, 
with rotational movement for the upper section of the piles, which conforms to the 
flexible behaviour of the tested piles. Also, the pivoting point moved downward as the 
applied lateral load increased. Comparing Fig. 7.7a and b, it is seen that the inter-helix 
segment has experienced some movement for the shorter pile SD11, but did not move in 
the case of the long pile LD12. The observed behaviour for LD12 may be attributed to its 
embedment into the clay till layer, which caused some fixity to the bottom of the pile 
compared to pile SD11. 
  The p-y curves for the soil at the test site were obtained by plotting the soil 
resistance and pile deflection at a selected depth for several values of applied load. In this 
analysis the Winkler assumption was used and the soil pressures acting on the pile were 
modelled as discrete and independent nonlinear springs. Consequently, the stiffness of 
the springs that represented soil was expressed in the form of the modulus of subgrade 
reaction, K, defined as the ratio of the soil resistance to the pile deflection at certain depth 
(p/y). Figure 7.8 shows the p-y curves and the subgrade reaction, K, at a depth that 
corresponded to the maximum moment location for piles SD11 and LD12. Figure 7.8a 
shows that at the same pile deflection value, pile LD12 had higher soil resistance than 
pile SD11. Furthermore, it is noted from Fig. 7.8b that the modulus of subgrade reaction 
was strongly nonlinear, as it decreased with the increase of the pile deflection.     
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Figure 7.5. Distribution of bending moment at different lateral displacements for piles: a) 
SD11; and b) LD12 
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Figure 7.6. Distribution of soil resistance at different lateral displacements at point load 
for piles: a) SD11; and b) LD12 
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Figure 7.7. Pile deflection at different lateral displacements at point load for piles: a) 
SD11; and b) LD12 
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Figure 7.8. a) p-y curves; and b) subgrade reactions at location of maximum moment 
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7.3 ANALYSIS OF TEST RESULTS USING LPILE PROGRAM 
The computer program LPILE Plus 5 (ENSOFT INC., 2005) is widely used to predict the 
response of laterally loaded piles. The program utilizes p-y criteria developed for 
different types of soil by various researchers. In the present study, LPILE was used to 
predict the lateral response of piles SD11 and LD12. The analysis was conducted for both 
piles considering a free-head condition. The LPILE code employs a finite difference 
technique to solve the differential equation for the pile response. The solution of the 
differential equation provides deflections, shear force, moments, rotations, soil reactions, 
and stresses along the pile shaft. In the program, the soil resistance, p, is expressed as a 
nonlinear function of the lateral pile deflection, y, and depth along the pile.  
The present study focused on predicting the lateral load-displacement curves at 
the loading point, distribution of bending moment, and pile shaft deflection. In order to 
predict the response of the tested helical piles during the load test, two approaches were 
adopted; as follows: 
• First approach: The initially determined Young’s moduli for the site soil layers 
(Chapter 4) were utilized to obtain the relevant moduli of subgrade reaction, which 
were incorporate into the soil models in the program LPILE to predict the response of 
the tested piles. 
• Second approach: The p-y curves for the different site soils were generated from the 
load test results for both piles, SD11 and LD12, and incorporated into the program 
LPILE to predict their performance. 
   
7.3.1 First Approach 
The first approach was implemented by using the soil Young’s moduli determined from 
the thorough site investigation program described in Chapter 4 using seismic cone 
penetration tests, standard penetration tests, and laboratory tests. The moduli are given in 
Table 4.3 for the different soil layers. The average initial Young’s moduli incorporated in 
the analysis are shown in Table 7.2. The initial drained modulus of the clay till layer was 
obtained using the theory of elasticity and the estimated initial undrained modulus, Eui, 
and the drained Poisson’s ratio, νd, as follows: 
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where νd was taken as 0.35. In order to calculate the initial modulus of subgrade reaction 
for each soil layer, the analytical formulation proposed by Vesic (1961) was adopted. In 
this approach, the modulus of subgrade reaction K, used in the Winkler spring problem 
and the material properties in the elastic continuum problem is given by: 
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where, E is the soil Young’s modulus; νs is the soil Poisson’s ratio; d is the pile shaft 
diameter; EpI is the pile flexural rigidity. Table 7.3 provides the calculated moduli of 
subgrade reaction, shear strength parameters, effective unit weights, and the axial strain 
at 50% of the undrained strength, E50, for the site soils, which were essential parameters 
for implementing the analytical simulation. These soil strength and stiffness parameters 
represent the case of intact soil assuming no effect from pile installation process.  
 In the analysis, the nonlinear p-y curves were established in the LPILE program 
using the model parameters provided in Table 7.3 and the incorporated Reese’s model for 
stiff clay for the site layers 2 and 3, Reese’s model for sand for layer 4, and the silt model 
which is similar to the Reese’s sand model for layers 1 and 5. For the given piles, SD11 
and LD12, the predicted lateral load-displacement curves were generated by increasing 
the lateral load and presented in Figs. 7.9 and 7.10. The direct comparison shows a 
discrepancy between the measured and calculated responses when using the intact soil 
parameters to predict the lateral load-displacement response of the tested helical piles. 
Similarly, the predicted distribution of bending moment and pile shaft deflection using 
this approach, did not match the measured values at different applied lateral loads, as 
illustrated in Figs. 7.11 and 7.12. It can be concluded that the approach overestimated 
bending moment values as the applied lateral load increased. In addition, the location of 
the maximum bending moment was shallower than the measured one at lower loads and 
became deeper as the load increased. Moreover, this approach underestimated the pile 
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deflections at lower load levels and overestimated the deflections at higher load levels. 
Consequently, using the intact soil parameters is not considered suitable for predicting 
the lateral response of helical piles installed in structured soils. Therefore, it is believed 
that the soil strength and stiffness parameters in the annular zone that was affected by pile 
installation are lower than those of the intact site-structured soils. 
       
 
Table 7.3. Model parameters for LPILE program (First approach) 
 
Layer 
Young’s 
modulus 
(MPa) 
Subgrade 
reaction 
(MPa) 
γ′ 
(kN/m3) 
Cu 
(kPa) 
C′ 
(kPa) φ′ (
o) E50 
Layer (1): Silt 
crust 91
*
 40.4 18.2 - - 31 - 
Layer (2): Stiff 
clay to silty clay 
and clayey silt 
149 68.9 8.0 85 - - 0.005 
Layer (3): V. 
stiff silty clay, 
clayey silt and 
clay 
277 134.9 8.0 137 - - 0.0045 
Layer (4): Dense 
to V. dense silty 
sand/sand and 
sandy silt 
197 93.3 9.0 - - 42 - 
Layer (5): Clay 
till 284
*
 138.3 7.7 - 20 31 0.004 
*
 Drained Young’s modulus 
 
7.3.2 Second Approach 
In this approach, the p-y curves for the various soil layers were generated from the results 
of the lateral load tests conducted on piles SD11 (tested two weeks after installation) and 
LD12 (tested nine months after installation). Figure 7.13 depicts the p-y curves for layers 
1, 2, 3, and 5 for both piles. It is noted that the p-y curves were stiffer in case of pile 
LD12 compared to pile SD11, for the same soil layers, arguably due to regain of soil 
strength with elapsed time after installation. The obtained initial modulus of subgrade 
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reaction for layers 1, 2, and 3 were about 8.0, 14.0, and 50.0 MPa in case of pile SD11 
and were about 10.4, 22.2, 70.0, and 86.0 MPa for layers 1, 2, 3, and 5 in case of pile 
LD12. It shows an increase in the subgrade reaction from pile SD11 to LD12 by about 
30, 59, and 40% in case of layers 1, 2, and 3, respectively. This corroborates the fact that 
the remoulded soil around the piles regained strength and stiffness with time after 
installation. In addition, the obtained K values for both piles were significantly lower than 
those values calculated from the intact soil Young’s modulus. It is worth noting that due 
to the small and variable thickness of the silty sand layer, an initial K value of 16.3 MPa 
was assumed and incorporated in the model. 
 Figures 7.9 and 7.10 show the favourable match between the predicted lateral 
load-displacement curves using the second approach (representing soil resistance using  
p-y curves) and the measured responses. Furthermore, the predicted bending moment 
distribution and pile shaft deflection showed good match with the measured ones (Figs. 
7.14 and 7.15). Consequently, it can be concluded that helical piles installation effects on 
the soil, especially cemented soil, had a significant influence on their lateral response.  
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Figure 7.9. Measured versus predicted Lateral load-displacement curves for pile SD11 
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Figure 7.10. Measured versus predicted Lateral load-displacement curves for pile LD12 
 
Chapter 7 
 
248 
 
Bending moment (kN.m)
-20 0 20 40 60 80
De
pt
h 
(m
)
0
1
2
3
4
5
6
22.0 kN
39.0 kN
55.0 kN
Predicted
Helix
Measured
Helix
LPILE-Intact soil
      
Deflection (m)
-0.004 0.000 0.004 0.008 0.012
D
ep
th
 
(m
)
0
1
2
3
4
5
6
22.0 kN
39.0 kN
55.0kN
Predicted
Helix
Measured
Helix
LPILE-Intact soil
 
a)                                                                       b) 
 
 
Figure 7.11. Measured versus predicted (first approach): a) distribution of bending 
moment; b) pile shaft deflection for pile SD11 
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Figure 7.12. Measured versus predicted (first approach): a) distribution of bending 
moment; b) pile shaft deflection for pile LD12 
 
Chapter 7 
 
249 
 
Deflection (m)
0.000 0.004 0.008 0.012 0.016 0.020 0.024
So
il 
re
si
s
ta
n
c
e 
(kN
/m
)
0
10
20
30
40
50
60
70
80
90
100
110
Pile SD11
Pile LD12
      
Deflection (m)
0.000 0.004 0.008 0.012 0.016
So
il 
re
si
s
ta
n
c
e 
(kN
/m
)
0
10
20
30
40
50
60
70
80
Pile SD11
Pile LD12
 
a)                                                                       b) 
 
 
 
 
 
 
Deflection (m)
0.0000 0.0002 0.0004 0.0006 0.0008 0.0010 0.0012
So
il 
re
si
st
an
ce
 (k
N
/m
)
0
10
20
30
40
50
Pile SD11
Pile LD12
      
Deflection (m)
0.00000 0.00002 0.00004 0.00006 0.00008 0.00010
So
il 
re
si
st
an
ce
 
(kN
/m
)
0
1
2
3
4
5
Pile LD12
 
c)                                                                       d) 
 
 
Figure 7.13. P-Y curves for piles SD11 and LD12 for: a) layer 1; b) layer 2; c) layer 3; 
and d) layer 5 
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Figure 7.14. Measured versus predicted (second approach): a) distribution of bending 
moment; b) pile shaft deflection for pile SD11 
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Figure 7.15. Measured versus predicted (second approach): a) distribution of bending 
moment; b) pile shaft deflection for pile LD12 
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7.4 SUMMARY AND CONCLUSIONS 
This study investigated the lateral performance of six full-scale large-capacity helical 
piles, with different geometrical configurations. The piles were tested in accordance with 
the quick maintained load method. The lateral load tests were conducted to obtain the 
piles capacity, deflection and bending moment distribution, and distribution of soil 
resistance and its modulus of subgrade reaction. Also, the effect of installation process on 
pile-soil interaction was investigated. Two different theoretical approaches were 
conducted using LPILE program in order to predict the lateral response of the tested 
helical piles. Based on the experimental results and their analysis, the following 
conclusions can be drawn: 
1. The ultimate lateral capacity of the 9.0 m piles tested nine months after installation 
was 15% higher than that of the 6.0 m piles tested two weeks after installation, which 
reflects the effect of soil improvement with time. 
2. The lateral behaviour of the tested helical piles was controlled primarily by the shaft 
with negligible effect from the attached helices. 
3. The measured maximum bending moment occurred in all piles within the upper third 
of the pile embedded length. Thus, the use of helical monopole base piles with upper 
section with larger shaft diameter or even tapered helical piles would represent a 
more efficient distribution of the pile material and better performance compared to 
the straight-sided shaft helical piles. 
4. The modulus of subgrade reaction was nonlinear and was higher by about 30 to 60% 
in case of the helical piles tested nine months after installation compared to the piles 
tested two weeks after installation. 
5. The calculated lateral response, bending moment distribution, and pile shaft 
deflection using LPILE program and the modulus of subgrade reaction of intact soil 
showed noticeable discrepancy when compared with the measured values. 
6. The calculated lateral response, bending moment distribution, and pile shaft 
deflection using LPILE program and the generated p-y curves from the load test 
results agreed well with measured values. Therefore, LPILE may be used to estimate 
the lateral response of helical piles on condition that the pile installation effect on the 
soil strength and stiffness is considered. 
Chapter 8 
 
252 
 
CHAPTER EIGHT 
CONCLUSIONS AND RECOMMENDATIONS 
 
 
 
 
8.1 SUMMARY 
The use of large-capacity helical piles as an efficient pile foundation option compared to 
conventional pilling systems necessitates investigating their performance under both 
static and dynamic loading conditions. As a prelude to the investigation, the analytical 
and experimental investigations performed by earlier researchers were thoroughly 
reviewed. The literature review provided an insight on the validity and limitations of the 
available analytical and experimental methods. In addition, the static and dynamic 
properties of the site soils were determined through an extensive soil characterization 
program using seismic cone penetration tests, mechanical borehole, standard penetration 
tests, and laboratory tests.  
The testing program included 176 full-scale vertical and horizontal dynamic 
steady-state and free vibration tests and 14 full-scale static axial compression and lateral 
tests conducted on eight large-capacity helical piles and two driven piles. The load tests 
involved closed-ended single and double-helix piles of 6.0 and 9.0 m length, 0.324 m 
shaft diameter, and 0.61 m helix diameter, as well as closed-ended driven steel-pipe piles 
with same length and diameter. The double-helix piles had different inter-helix spacing of 
1.5, 3.0, and 4.5 times the helix diameter. The piles were installed in typical Alberta, 
Canada, structured clayey soils. The 9.0 m helical piles were tested twice to investigate 
the effect of soil thixotropic behaviour: once after two weeks from installation, and 
another after nine months. In addition, the dynamic and static performance of piles had 
been investigated using different analytical solutions and approaches.    
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8.2 CONCLUSIONS 
The performance of large-capacity helical and driven piles under dynamic and static 
loads was investigated. Procedures were established for the vertical and horizontal 
steady-state and free vibration tests of helical and driven piles. The frequency response 
curves of harmonic vertical and horizontal vibration tests were presented for different 
excitation intensities and static body masses. In order to investigate the effects of soil 
remoulding and ensuing soil thixotropic behaviour on the dynamic performance, the 9.0 
m helical piles were tested dynamically twice: two weeks and nine months after 
installation. The important findings from the dynamic load tests are summarized below: 
1. The response of piles to vertical vibration indicated a single resonant peak. It was 
observed that the natural frequency decreased slightly as the excitation intensity 
increased and the amplitudes were not exactly proportional to the excitation intensity 
due to the presence of slight to moderate soil nonlinearity. 
2. Two well-separated resonant peaks were observed for the horizontal vibration 
response curves. The first resonant peak was associated with the horizontal vibration 
mode and the second peak at higher frequency was dominated by the rocking 
vibration mode. With the increase in excitation intensity, the horizontal resonant 
amplitude increased and the resonant frequency decreased signifying the nonlinear 
behaviour of tested piles at higher load intensity. 
3. As expected, both the resonant frequency and amplitude decreased as the static load 
of the body mass increased. 
4. The effect of soil thixotropy in the remoulded annular soil zone formed around the 
helical pile shaft during pile installation was studied. It was observed that piles tested 
nine months after installation under vertical and horizontal vibration showed an 
increase in the resonant frequencies and decrease in resonant amplitudes when 
compared with the results obtained from testing the piles two weeks after installation. 
5. The pile-soil-pile interaction had some effect on the response of two piles tested nine 
months after installation as the piles showed approximately the same resonant 
frequencies and amplitudes when compared to the response of the same piles tested 
two week after installation. This occurred due to the installation of additional helical 
piles at distance of 4 times helix diameter apart from the two test piles. It was 
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theorized that the interaction between the new adjacent piles and test pile resulted in 
reducing the pile stiffness and natural frequency. 
6. The vertical and horizontal responses of driven piles were to some extent similar to 
that of helical piles tested under the same testing and geometrical conditions.   
7. The horizontal response of helical piles was not affected by the number of helices or 
the inter-helix spacing. 
8. The measured vertical dynamic load distribution along the helical piles showed 
insignificant influence of the helices on the dynamic load transfer mechanism and that 
the dynamic load was transferred to surrounding soil medium mainly through the 
interface between pile shaft and soil, where 75% of the dynamic load was transferred 
along an effective pile length of 6.0 m. 
 
The results of the analysis of the dynamic response and impedance functions of the tested 
helical and driven piles using linear and nonlinear analytical models were presented. The 
stiffness and damping of piles, vibration response curves, pile load-distribution curves, 
and pile-soil separation length were obtained for the vertical and horizontal modes of 
vibration based on the continuum approach. In the linear approach, a perfect bond was 
assumed between pile and soil with no consideration to pile installation effect on the soil 
strength and stiffness parameters. In the nonlinear approach, pile-soil separation was 
accounted for and a weakened boundary zone of soil was assigned around the piles to 
account for pile installation effects. The conclusions from the analytical investigation are 
summarized below: 
1. The theoretical analysis based on the linear approach was considered not suitable for 
predicting the vertical and horizontal vibration responses of helical and driven piles 
installed in silty clay and clayey silt till right after installation. The approach 
overestimated the resonant frequencies and underestimated the resonant amplitudes of 
piles.  The calculated average value of vertical vibration resonant frequencies from 
the analysis were higher than the experimental results by about 66% for piles tested 
two weeks after installation and 42% for piles tested nine months after installation. In 
addition, the calculated average value of horizontal vibration resonant frequencies 
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were higher than the experimental results by about 210% for piles tested two weeks 
after installation and 165% for piles tested nine months after installation. 
2. The theoretical analysis based on the nonlinear approach was found to be adequate to 
predict the resonant frequency and amplitudes of piles. The nonlinear approach 
accounted for the soil remoulding due to pile installation by considering a weakened 
boundary soil zone around the pile. 
3. The stiffness and damping values estimated from the nonlinear approach decreased as 
the excitation intensity increased for piles that showed slight to moderate nonlinearity 
in response. This nonlinear behaviour was accounted for by adjusting the properties 
of the weakened boundary soil zone around the pile. 
4. The nonlinear approach predicted an average increase in stiffness by about 43 % and 
damping by about 25 to 90% of the helical piles, over nine month period. These 
increases are attributed to the regain of strength and stiffness stiffening of soil in the 
weakened zone with elapsed time after pile installation.  
5. The pile-soil separation length predicted for the helical and driven piles increased 
with the increase of the excitation intensity. The separation length varied between 
0.46 and 1.08 times the shaft diameter for vertical vibration, and between 3.08 and 
4.17 times the shaft diameter for horizontal vibration, under the adopted levels of 
dynamic excitation. Some empirical equations were suggested for preliminary 
assessment of the separation between pile and soil as a function of the maximum 
vibration amplitude. 
 
The static axial compressive response of six large-capacity helical piles and two driven 
piles was carefully analyzed and documented. The experimental results were used to 
develop the load transfer mechanism of the test piles. The effect of soil thixotropy was 
studied and the mobilized skin friction and end bearing resistances were analyzed to 
back-calculate the soil shear strength parameters mobilized at the two phases of testing 
(Phase I: piles tested two week after installation and Phase II: piles tested nine months 
after installation). The main conclusions from the static axial compressive load testing 
program are summarized below: 
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1. An ultimate capacity criterion was proposed to estimate the ultimate load of large-
capacity helical piles. The ultimate load is defined as the load associated with total 
pile head settlement that equal to the pile elastic deformation plus 3.5% of the helix 
diameter. In addition, the test results showed that the Davisson (1973) criterion and 
tangent intersection method underestimated the ultimate loads, while the criterion 
developed by Livneh and El Naggar (2008) for slender helical piles overestimated the 
capacities of the test large-capacity helical piles.    
2. The capacity of the 6.0 m single-helix pile was 17% higher than the capacity of the 
driven pile and the capacity of the double-helix piles was 33 to 57% higher than the 
capacity of the driven pile. The results demonstrate the favourable effect of the 
attached helices in increasing the capacity of helical piles compared to the 
conventional driven piles. 
3. The load distribution results of the double-helix piles indicated mainly an individual 
plate bearing failure mechanism. Therefore, the total resistance of double-helix piles 
at failure consisted of four components: the skin friction resistance along pile shaft 
above the upper helix, the end bearing resistance from the upper helix, the skin 
friction resistance along shaft between helices, and the end bearing resistance from 
the bottom helix and pile toe.  
4. The individual plate bearing failure mechanism in case of piles with inter-helix 
spacing of 1.5 times the helix diameter reflected the effect of soil remoulding and 
softening of the structured site clayey soils. 
5. The load transfer mechanism showed that the skin friction resistance increased with 
the increase in the embedment ratio of helical piles and the shaft resistance could not 
be mobilized for a length of one helix diameter above the upper helix due to the 
shadow effect. Thus, an effective shaft length, equal to the embedded shaft length 
minus one helix diameter, should be used for calculating the shaft resistance.  
6. The mobilized shear strength by the different segments of the helical piles tested two 
weeks and nine months after installation showed a significant soil remoulding and de-
structuring due to the pile installation process and noticeable soil strength regain with 
time. The shear strength parameters along the pile shaft of piles tested two weeks of 
the stiff and very stiff silty clay and clayey silt soils were about 20 to 40% of the 
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intact values. On the other hand, the strength parameters increased during nine month 
period to an average of 64% of the intact values.   
7. The mobilized strength parameters implied that the failure surface underneath the 
upper helix extended beyond the edge of the helices into the undisturbed soil failure. 
 
Full-scale static lateral load tests were conducted on six single and double-helix piles to 
establish the lateral behaviour of large-capacity helical piles installed in typical Alberta, 
Canada structured clayey soils. The experimental results were used to develop the 
distribution of bending moment, distribution of soil resistance, and pile shaft deflection. 
In addition, the lateral response was numerically assessed using two different approaches 
in order to study the effect of soil stiffness and strength parameters at the two testing 
phases (two weeks after installation and nine months after installation). The main 
conclusions from the experimental and numerical analyses are summarized below: 
1. The lateral response of the tested large-capacity helical piles, of the same length and 
surrounding soil conditions, was controlled by the pile shaft with negligible 
contribution from the attached helices. The maximum bending moment occurred 
within the upper third of the pile embedded length, which supports the use of the 
monopole base or the tapered helical piles as they offer a more efficient use of pile 
material along the shaft. 
2. The pile p-y curves were obtained and the initial moduli of subgrade reaction were 
back-figured from the experimental results. It was found that the modulus of subgrade 
reaction was nonlinear and increased by about 30 to 60% along nine month period. 
This increase reflected soil regaining strength and stiffness with time passage after 
installation. 
3. The predicted lateral behaviour of piles using the LPILE program and the modulus of 
subgrade reaction of intact soil showed significant discrepancy when compared with 
the experimental results. On the contrary, the results of the numerical approach that 
incorporated the effects of soil remoulding due to pile installation, by employing the 
p-y curves back-calculated from the experimental data, agreed well with the 
experimental results.   
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8.3 RECOMMENDATIONS FOR FUTURE RESEARCH 
The dynamic and static full-scale test results of the current study are expected to be 
valuable to researchers and engineers alike. The analytical approaches suggested in this 
study are considered a useful addition in the area of the response of large-capacity helical 
piles under dynamic and static loads. However, full-scale testing and numerical 
modelling of helical piles tested in different subsurface conditions is required in order to 
validate the findings of this study. The recommendations for future research include 
additional experimental and advanced analytical and numerical studies as follows: 
1. The dynamic and static performance of large-capacity helical piles installed in clayey 
soils proved to be similar, if not superior, to conventional piling systems in cohesive 
soils. Additional full-scale tests are needed to study the dynamic performance of 
large-capacity helical piles installed in sandy soils. 
2. The technique utilized in the present study to estimate the soil properties of the weak 
boundary zone around piles and the pile-soil separation length under different modes 
of vibration should be further explored. 
3. The dynamic and static performance of helical piles should be studied under different 
helical pile geometrical configurations especially for the case of using smaller shaft 
diameter and pile length.  
4. There are a number of areas that need further researches, such as the dynamic and 
static design of inclined helical piles and group of piles. 
5. A reliable relationship of axial geotechnical resistance of large-capacity helical piles 
to installation torque needs to be developed. 
6. The dynamic and static test results of piles presented in this study should be analyzed 
using the finite element method and other analytical methods, then use the finite 
element method to perform a parametric study in order to further understand the 
performance characteristics of large-capacity helical piles with different 
configurations installed in different soil conditions. 
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